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Abstract  
 
Foundations are one of the most expensive items in the capital cost break down of an offshore wind 
farm and the design is a challenging and multidisciplinary task that requires an understanding of the 
aerodynamics, hydrodynamics, structural dynamics, and soil-structure interaction. Though there has 
been extensive research, foundation codes are still not fully developed and are heavily dependent on 
the principles developed for oil & gas platforms which have distinct differences with offshore wind 
installations. Furthermore, current offshore wind turbines are becoming larger in size and installed in 
deeper waters, thus jackets are becoming a more attractive option when compared to the 
conventional monopiles. 
However, the current design methods for jackets are computationally challenging and time 
consuming, and often is the case, require data that is unavailable in the public domain which makes 
concept designs a difficult process. Due to the lack of simple integrated approaches, this thesis focuses 
on developing an integrated and modular design approach which can be easily implemented on 
spreadsheet type software and result in a conservative foundation size with adequate accuracy. The 
design criteria covered in this thesis are the Ultimate Limit State (ULS), Serviceability Limit State (SLS), 
and the natural Frequency requirements. 
For the dynamic analysis of foundations, a novel approach is proposed that expresses the natural 
frequency of the system in terms of mechanics-based approaches considering the flexibility of the 
jackets and supporting foundations. The analysis steps from the thesis are compiled into an integrated 
design approach applied to jackets and their supporting foundations named as the “10-step method”. 
It is shown that following these steps will result in a similar jacket and foundation size as detailed 
designs. The approaches of this thesis are expected to be a very powerful tool in the concept design 
stage when the financial viability of a wind farm is assessed. The work of this thesis also sets 
“templates” of appropriate jacket and foundation sizes in the detailed design stage. Finally, future 
works and enhancement to the work of this thesis are also provided.  
 
Keywords: Offshore wind, Jackets, Piles, Suction Caissons, Multiple Foundations, Soil-Structure 
Interaction, Natural Frequency 
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Chapter 1: Introduction 
 
There is a current outcry in developed countries in order to limit the usage fossil fuels which currently 
serves 92% of the world energy demands. Pollution is at a record peak, and is becoming visible in high 
production countries such as India and China. This is coupled with the continuous political conflicts in 
the Middle East and Russia which house the largest reserves of low-cost oil. Numerous alternatives 
have been proposed by scientists including the use of natural gas, solar, geothermal, tidal, and wind 
energy. The problem currently lies in the costs associated with the efficient production of renewable 
energy in adequate quantities, which is not on par with low cost oil. This triggered governments to 
invest in setting policies to meet certain futuristic bench marks regarding renewables. For instance, 
the European Union set a target of 20% of energy consumption to be provided by renewables by 2020 
and 32% by 2030 (ec.europa.eu). Other parts of the world are following where the United States aims 
to achieve 30% of its electricity from renewables almost half coming from wind by 2025. Moreover, 
there are also major initiatives coming from China where the government claims to reduce the carbon 
intensity of its economy by 45% by 2020 and is now adding more wind capacity than other nation in 
the world (Franklin & Andrews, 2012).  
There are other protective measures which some governments are undertaking, for instance, the 
United Kingdom is set to remove all petrol and diesel cars from the roads by 2040 and replace them 
with electric vehicles. Thus, it is estimated by that time, together with a growing population, an 
additional 30 GW electricity will be required and this is a challenging task. Several options are available 
to meet this challenge, one is to build 10 nuclear power plants which would cost around 25 Billion USD 
each and takes about 20 years to construct. On the other hand, 30 GW can be provided by 5000 6 MW 
turbines where each turbine costs 6 to 8 million USD and a wind farm typically is constructed within 1 
year.  To make the argument clearer, recent statistics show that the negotiated price between the UK 
government and EDF for Hinkley Power Plant was £92.5/MWh whilst the price for offshore wind 
£57.5/MWh (Harrabin, 2017). Another aspect is the risk of leakages and high level wastes of nuclear 
power plants where a typical wind farm can be easily decommissioned after the service life, typically 
25 years, is over. The numbers stated above show an improvement in the levelised cost of energy 
(LCOE) for offshore wind applications which has been driven by extensive research and industrial 
efforts to meet the discussed energy needs.  
The LCOE is the total cost associated with the whole lifecycle of a power plant over the total produced 
energy and it is considered the most important parameter that governs the level of investments in 
renewables. Figure 1.1 shows the LCOE in 2018 for various sources of energy, and it is shown that the 
weighted average of renewables cost is beginning to compete with other non-renewable sources. 
However, it must be stated, that the variability and uncertainty associated with renewable sources is 
still high , which limits privatised investments and forces governments  to provide subsidies and tax 
reliefs for the use of renewables. Consequently, it is the duty of researchers to further assist in driving 
down the LCOE for renewable sources as to provide environmentally friendly solutions for future 
generations in both developed and developing countries. This thesis is revolved around foundations 
supporting offshore wind turbines and a brief overview is provided on the current status of offshore 
wind developments and their supporting foundations. 
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Figure 1.1: Range of levelised cost of energy from (IRENA,2017) , Redrawn from (Nikitas, et al.,2018) 
1.1 Offshore Wind in Numbers 
Though offshore wind currently only constitutes 3% of the global wind production, it is presently 
increasing in popularity for the following reasons: 
• There are no mountains or hills offshore to obstruct the moving wind so the produced energy 
is more constant. Moreover, the recorded wind speeds are generally higher offshore. 
• There is much more available space offshore than onshore, and so the number of wind turbine 
generators installed is higher. 
• Larger turbines with longer blades can be installed offshore using sea routes in comparison to 
constructing large generators onshore disrupts daily life due to blocking roads and time 
delays. 
• The noise pollution produced by offshore wind farms is minimal due to their large distance 
away from inhabited land. Therefore, it is usually easier to gain public approval for the 
construction of offshore wind farms. 
The first offshore wind farm was constructed in 1991 near Denmark, but it was only until the early 
2000s that offshore capacity started seriously increasing. The 2018 statistics in Europe show that to 
date, there are 4,349 Offshore Wind Turbines (OWTs) operating in 98 wind farms built in 11 European 
countries. The cumulative power production is approximately 16,880 MWs. The United Kingdom still 
has the largest number of OWTs namely 44% of Europe’s share in MWs where these wind turbines 
generate 7,427 MWs and contributes 7% to the UK power needs. Germany also has a high share of 
the European wind capacity of 34%. In 2018 Germany had the highest additional installed capacity of 
813 MW. In terms of support structures, the vast majority of OWTs are supported on monopiles 
(81.9%), 6% are on gravity foundations, jackets contribute for 6.6%, tripods for 2.8% and tripiles for 
1.8%. Floating turbines are expected to gain popularity in the future and numerous pilot projects are 
currently undergoing such as the Hywind project in Scotland, see Figure 1.2 for a schematic of possible 
foundation arrangements. Generally, the choice of foundations depends on numerous complex 
factors such as wind conditions, wave conditions, seabed conditions, ground profile, and water depth.  
A brief description of the foundation types and their installation is presented as follows: 
Gravity base: Ideal for low water depths (<20m) where the foundation is placed directly on the 
seabed. Resistance to overturning is dependent on its large base (resulting in a low centre of gravity) 
which should provide enough bearing between the foundation and soil. To achieve that function it 
requires a large mass and sometimes ballast is added. Consists of numerous types such as self-
buoyant, axially buoyant, and crane lowered. As for installation, self-buoyant and axially buoyant are 
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usually towed and then floated to site, then ballasted to achieve the weight required. Some special 
cases require mounting them on a barge and lowering them directly to site as they are heavy enough 
to achieve their functionality. 
 
Figure 1.2: Common types of foundations supporting offshore wind turbines 
Monopile: Best for intermediate water depths (up to 30 meters). Vertical loads are resisted by tip 
resistance and wall friction. Lateral loads, which are much higher, are resisted by the bending strength 
of the pile (made of steel), and then laterally transferred to the soil mass. Thus, to avoid large 
displacements and provide adequate stiffness, large pile diameters are employed (4-6 m). Currently, 
they offer the most “well known” methods of simple and automated fabrication of tubular structures, 
In 2011 it was estimated that the cost of fabrication is 2 Euros/kg. However, it is expected that such 
foundations will not be suitable for higher water depths as they will attract higher loads and require 
larger diameters which would be infeasible to fabricate, transport, and install at an acceptable cost. 
Depending on weight, monopiles can be mounted on a vessel or floated to site. Subsequently, the pile 
needs to be aligned in position, and driven or drilled into site. Currently, driving is the preferred 
method of installation. The pile is lowered to seabed and allowed to sink under its weight. Then a 
hammer is applied at the pile head until the required penetration depth is achieved. Hammering can 
be applied from a jack-up barge or a floating system (if sea conditions permit). On the other hand, 
drilling is preferable in hard soils. A hole is drilled in the appropriate location using a drilling tool. The 
pile is then inserted in the hole and is held in place. Grout is injected to achieve full contact with the 
soil. Vibratory hammering is a new method that is currently being proposed by industry where some 
claim that it can offer a cheaper and environmentally friendly alternative to hammering. 
Jackets: Consists of a lower framework that is connected to the main tube (tower) by slender members 
and then connected to piles through pile sleeves. There are recent installations which have utilized 
suction caissons to support the jackets. Jackets have the advantage of a large base to resist over 
turning, and mainly relies on axial resistance of its members which allows for a shallower and lighter 
design. The base provides an increased stiffness and the slenderness of the beams provides 
transparency.  However, the main joint itself is very complex to design and fabricate as it is susceptible 
to fatigue damage, and it the asymmetrical configuration makes directionality of loading more of a 
design issue. The jacket structure is preassembled in a construction yard. Due to its light weight it can 
be towed to a barge to site. The piles can then be driven through pile sleeves or through the legs of 
the structure depending on site conditions. 
Tripods: It consists of a lower framework that is connected to the main tube (tower) by slender 
members and then connected to piles through pile sleeves. It also has the advantage of a large base 
to resist over turning, and mainly relies on axial resistance of its members which allows for a shallower 
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and lighter design. The base provides an increased stiffness and the slenderness of the beams provides 
transparency.  However, the main joint itself is very complex to design and fabricate as it is susceptible 
to fatigue damage, and it the asymmetrical configuration makes directionality of loading more of a 
design issue. 
Tripiles: This is a newly applied concept which is claimed to be best suited for 25-40m depths and can 
support a 5MW offshore wind turbine. The support structure consists of 3 piles that extend above sea-
level connected to a cross-piece with 3 struts which are connected through grouting. The main 
advantage of this concept is the ease of adjusting its dimensions to suit different water levels as the 
transition piece dimensions can be maintained and pile dimensions can be adjusted to suit site 
conditions. This allows for quick mass production since piles can be easily produced for different site 
conditions. However, careful design of the struts must be achieved. 
Role of structural and geotechnical engineers: 
In relation to capital costs of an offshore wind farm, Figure 1.3 shows that foundations are currently 
the most expensive item in the breakdown making it vital that structural and geotechnical engineering 
research continue their efforts to drive costs down both in terms of initial material and installation 
costs (which are interdependent). Hence, reducing the cost of foundations will directly influence the 
incoming investments and make renewable offshore wind a more attractive solution financially. This 
has to be put in perspective with the steady increase in size of offshore wind generators where some 
have already exceeded landmark structures in height and with a diameter that can fit a Boeing 747 
airliner in between.    
 
 
Figure 1.3: Typical capital cost breakdown of an offshore wind farm 
 
Figure 1.4: Current and future sizes of OWTs 
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1.2 The study of jacket supported OWTs 
The main focus of this thesis is the simplified design of jacket supported OWTs which builds upon the 
research group’s previous work on the simplified design of monopile supported OWTs. While 
monopiles have been successful foundations for intermediate water depths, there are numerous 
associated problems with using them in deeper installations. Using monopiles in deeper waters would 
require larger diameters with thicker walls and adds to the total costs to the foundation through 
material, manufacturing, transportation, and installation. Installation in particular poses some 
difficulties, such as the risk of tip buckling of large diameter piles with thin walls, which are hammered 
in dense sand or weathered bed rock. A number of cases have been reported in the offshore oil and 
gas industry where large steel piles have collapsed during driving due to the progression of lateral 
deformations (Bhattacharya et al., 2005)  (Aldridge et al., 2005). This is not completely alien in offshore 
applications where there are multiple cases of driving piles through dense cohesionless soils. 
Moreover, the vessels required for driving piles of such large sizes are scarce, which increases costs 
and construction delays. Another problem is noise pollution caused by pile driving and its harmful 
effect on marine life. German authorities impose regulations on pile driving noise (160 dB at 750m 
distance), this condition is expected to be adapted by other European nations in the near future 
(Müller and Zerbs, 2011). Some measures have been taken to limit noise pollution, such as the use of 
bubble curtains or sleeves which and have achieved limited success. Moreover, there seems to be 
some conservatism from industry to further explore new foundation systems such as gravity based 
foundations or suction caissons and further study their reliability (Golightly, 2014). In addition, 
another environmental problem with monopolies is the (relative) difficulty of de-commissioning which 
poses a limitation on future land use in comparison to suction caissons for example. Finally, the 
performance of monopiles heavily depends on the top layers of the ground which is usually prone to 
scour and require scour protection which is also a very expensive item.  
Due to the reasons above, jackets and seabed frames are currently considered as an alternative to 
monopiles for deeper waters. The transparency of jacket members lowers the wave loads of the 
structure and smaller diameters are required which lowers the installation costs. Moreover, jackets 
have been extensively used for oil & gas platforms and many lessons have been learnt which are still 
applicable to offshore wind applications. Recent installations include Borkum Riffgrund 1 (Germany, 
water depth 23 to 29 m), Alpha Ventus Offshore (Germany, water depth 28 to 30 m), Aberdeen 
Offshore wind farm (Scotland, water depth 20 to 30m), and the Beatrice offshore windfarm (45m 
water depth). The jackets are typically designed as three or four legged and are supported on either 
deep foundations (piles) or shallow foundations (suction caissons), see for example Figure 1.5. There 
are also other types of inherent problems with jacket installations such as the requirement of skilled 
labour to weld the jackets and fatigue in the members and the foundations. Nevertheless, the use of 
jackets still seems promising and a requirement for industrial production of offshore wind support 
structures and design methods are required. A detailed analysis of jackets and monopiles is covered 
in Chapter 2 of this thesis. 
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Figure 1.5: 3 legged jacket on suction caisson (with permission from www.vattenfall.co.uk) 
1.3 Project Aims 
The main aim of this thesis is to provide engineers with tools for the analysis and design of jacket 
foundations in the preliminary and concept design stage of the project. The methodology will allow 
designers to evaluate the loads on the structure, the dynamic performance, as well as providing insight 
on the arrangement of the structure. Numerous useful formulations to evaluate foundation stiffness 
and strength will be developed. Furthermore, long-term performance and the physical attributes of 
the foundations will also be extensively discussed providing designers with vital information early on 
in the project.  
Designers should be able to utilise the developed tools in early phases of the project when the 
availability of design data is scarce about the turbine, ground conditions, environmental conditions 
and seabed conditions. In addition, the developed tools should not require expensive and 
sophisticated analysis software that requires strong computational power and expert judgement of 
the engineering parameters. Sophisticated analysis is usually time consuming, and thus the suggested 
design methods must also be time efficient. This must be considered keeping in mind that OWT 
foundation design is an iterative procedure and the steps are interdependent which means the time 
efficiency of the proposed method is at the core of the work. 
 This, however, should not affect the overall safety of the structure where the provided design tools 
should conservatively predict the loads and resistance of the structure within a reasonable level of 
accuracy i.e. without greatly over estimating the final sizes.  
Finally, the approach should be broken down into well-defined and isolated steps (modular) where 
the calculations can be performed independently. Consequently, each step can be replaced with more 
sophisticated methods as more data becomes accessible in a project. In other words what is required 
from the produced methods can be summarised as follows: 
• Simplicity 
• Time efficiency  
• Conservativeness  
• Require limited amount of data 
• Modularity 
 This will be further clarified at the end of the literature review chapter where the gap in current 
knowledge is discussed, however, at this stage, a brief overview can be broken down into the following 
subtasks: 
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1. Analysis of the loads on the jacket and the turbine based on publicly available information on the 
wind turbine and ocean conditions;  
2. The ability to evaluate foundation stiffness and strength based on limited data about the ground 
profile for both shallow and deep foundations; 
3. Different methods to predict the dynamic performance of jackets such that resonance and 
dynamic amplification are avoided;  
4. Different parametric studies of the design parameters with special focus on the change of 
foundation stiffness; 
5. Foundation arrangement and sizing recommendations based on the arrangement of jackets; 
6. Development of a step-by-step design methodology that compiles all the methods obtained from 
the previous points. 
The next section discusses the structure of the thesis and how the points above are achieved. 
1.4 Thesis Structure 
The work in this thesis has been broken down into 8 chapters including the introduction and the 
conclusion and can be summarised as follows: 
Chapter 2: Literature review 
This chapter contains recent research on foundations obtained from literature on supports of 
buildings, machines, infrastructure, offshore platforms, and wind turbines. Current offshore wind 
turbines are installed on either deep or shallow foundations to and thus a rigorous literature review 
was centralised about these two types. Moreover, as wind loads are significantly higher than gravity 
loads, the lateral response of foundations was another aspect where numerous recourses have been 
visited. Cyclic response of foundations in terms of stiffness and strength has also been reviewed due 
to the dynamic nature of the applied loads on offshore wind turbine structures (wind, waves, 1P, and 
3P). As loads on OWT are complex and stochastic in nature, a literature search was performed on the 
simplified numerical computation of the loads on both monopiles and jacket foundations which are 
to be applied in order to assess the tools developed in the following chapters of this thesis.  
Chapter 3: Current status of monopile supported OWTs 
From the information provided in Chapter 2, it is possible to assess the performance of monopile 
supported OWTs in European wind farms. Some data on the turbines, foundations, and ground 
profiles is available in the public domain and based on the discussed methods, it is possible to analyse 
both the loads and the resistance of the foundation. Though the main theme of this thesis is revolved 
around jackets, this relatively short chapter on monopiles will provide important information about 
the design drivers of foundations in general and the level of conservativeness recent wind farms have 
been designed for. 
Chapter 4: Practical methods to estimate foundation stiffness 
In the designs of offshore wind turbine foundations, it is crucial to get the best prediction of the first 
natural frequency during the early stages of a project. Other design requirements include the 
serviceability limit state (SLS) criteria which impose strict pile head deflection and rotation limits. 
These calculations require foundation stiffness and the aim of this chapter is to provide practical 
methods to predict the stiffness of the foundations for any ground profile (non-uniform or layered 
soils) through the use of standard methods. Moreover, using the method presented, impedance 
functions have been developed for the both shallow suction caissons and deep foundations in 3 types 
of ground profiles. These functions are crucial in order to predict the dynamic response of monopile 
and jacket supported wind turbines as discussed in the next chapters. 
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Chapter 5: Practical methods to predict the Eigen frequencies of OWTs supported on multiple 
foundations 
This chapter starts by introducing the idea of  “ground resonance” which is widely observed in 
helicopters (without dampers) where the rotor frequency can be very close to the overall frequency 
causing the helicopter to a possible collapse, and hence shows the importance of accurately 
estimating the Eigen frequencies. The chapter then presents a general 3D solution to obtain the 
natural frequencies of OWTs supported on multiple foundations. A mechanical idealizations is 
presented and mass and stiffness matrices were derived using the Euler-Lagrange method. This 
method will enable designers to study the natural frequency of the system under different conditions 
where the foundation supports may have different mass and stiffness properties and is compared to 
the Finite Element method. Using the derived formulations some front end design considerations are 
provided such as the effect of soil spatial variability, the effect of aspect ratio, and effect of foundation 
mass.   
Chapter 6: Closed form solutions and the response of jackets on multiple foundations 
Recognizing that the method presented in Chapter 4 requires advanced mathematics software, the 
method was simplified to obtain a closed form solution to compute the natural frequency using 
spreadsheet type programs with the minimum amount of input. The basis of this method is the Euler-
Bernoulli beam theory where the foundations are idealized with a set of linear springs. In this method, 
a 3-Dimensional jacket is first converted into a two 2-Dimensional problem along the orthogonal 
planes of vibration which are essentially the principle axes of the foundation geometry. Subsequently, 
the jacket is converted into an equivalent beam representing its stiffness and a formulation is 
presented to find an equivalent beam for entire tower-jacket system. Using energy methods, an 
equivalent mass of the RNA (Rotor Nacelle Assembly)-tower-jacket system is also calculated, and fixed 
base frequency of the jacket is estimated. To consider the flexibility effects of the foundation, a 
formulation for an equivalent rotational spring of the foundation is developed. A method to 
incorporate the mass of the transition piece was also presented. Consequently, a step-by-step 
application of the methodology is presented by taking example problems from the literature is shown 
together with validation and verification.  
The simplified mechanical idealization was used to evaluate the forced vibration response of the 
system and a comparison to a 3D FEA model is presented. Moreover, the response of the structure 
under forced vibrations has been studied where recommendations have been provided. Finally, a 
study on the effect of foundation arrangement has been performed and sizing of foundations to avoid 
rocking have been provided. 
Chapter 7: The design of jacket foundations in 10 steps 
Finally, the tools provided in Chapters 2-6 will be used to design an offshore wind turbine jacket 
supported on piles or suction caissons. Primarily, a design chart showing the steps will be provided, 
followed by simplified methods to analyse the jackets and foundations statically and dynamically due 
to the applied hydrodynamic loads. The method will then be applied to an existing study, and the 
overall size and weights will be compared showing the effectiveness of the simplified methods which 
can provide valuable front end design information for engineers and windfarm developers early on in 
the project. 
Chapter 8: Conclusions 
This chapter summarises findings from previous chapters and discusses the limitations of the 
developed approach with the addition of possible suggestions and enhancements to the work. Finally, 
key research areas in the field are explored. 
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Chapter 2: Literature Review 
2.0 Introduction 
It is important at this stage to clarify the differences between monopile supported OWTs and jacket 
supported OWTs which can be classified into two distinct types: 
• For monopile supported wind turbines, the load transfer to the ground is through moment and 
the monopile acts as a moment resisting foundation. On the other hand, for a jacket, the 
equivalent load transfer is mostly through axial push-pull, (see Figure 2.1 for a schematic 
diagram). Consequently, the vertical capacity and the vertical stiffness of the foundations plays 
an important role in the design process of jacket foundations whilst the lateral capacity, 
moment capacity, and rotational stiffness are dominant in the design of monopile supported 
OWTs. 
• The modes of vibration for monopile supported wind turbines or for that matter any foundation 
supported on piles will be sway bending as the foundation is very stiff compared to the tower. 
For the corresponding jacket supported wind turbines on shallow foundations, the first mode 
of vibration is most likely to be rocking due to the relatively lower vertical stiffness of shallow 
foundations which highlights the importance of understanding the stiffness of different types 
of foundations.  
• For axially loaded piles, the deformation is not as critical as the ultimate capacity, nevertheless 
checking that movements of the structure are within acceptable limits is an important part of 
the design. 
 
Figure 2.1: Load transfer for two types of foundation 
Owing to the fact that most of the turbines in Europe have been installed on monopiles and to the 
load transfer mechanism explained above, a thorough literature search was performed on laterally 
loaded foundations, axially loaded foundations, and foundations under combined loads. The 
foundations included in this study are deep foundations (driven piles) and shallow foundations suction 
caissons). Discussions are provided on the available methods to predict the strength and stiffness in 
different types of ground profiles under both static and dynamic loads. To put the foundation 
resistance in perspective, a literature review is also provided on the loads acting on offshore wind 
turbines which includes wind loads, wave loads, current loads, buoyancy, and the aerodynamic loads 
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imposed by the rotor. Finally, as the problem involves dynamics (on both structural and geotechnical 
levels) a review is provided on the current mechanical models available to analyse the dynamic 
response and the natural frequency of the structure. 
The “themes” of the literature review are guided by the Limit State Design Philosophy, where the 
design considerations must be satisfied: 
• Ultimate Limit State (ULS): This is to ensure that the maximum loads on the foundations are 
much lower than the capacity of the chosen members. For jacket type structures, this would 
require the computation of the ultimate wind and wave loads acting on the structure which in 
turn the capacity of the jacket members and foundations would have to exceed. Therefore, the 
ULS considerations will provide the main dimensions of the jacket members and foundations. 
• Target Natural Frequency and Serviceability Limit State (SLS): This requires the prediction of 
the natural frequency of the whole system and the deformation of the structure at foundation 
and hub height levels. As the natural frequency is concerned with very small amplitude 
vibrations, linear Eigen analysis would suffice. Consequently, the computation of the 
foundation stiffness is an important parameter in design and some guidance on the computation 
of the stiffness of piles and suction caissons are provided. These (vertical) stiffness values can 
then be used to obtain the natural frequency of the system using provided closed form solutions 
which take into account the flexibility of the jacket and foundation. 
• The Fatigue Limit State (FLS): This would require predicting the fatigue life of the joints 
connecting the structural members and also the foundations to the jacket. Simultaneously, this 
step requires the stiffness of the structural members and foundations. 
• Robustness and ease of installation: This is to ensure the constructability of the system and 
there is adequate redundancy. 
2.1 Laterally Loaded Foundations 
The contents of this section are primarily concerned with OWTs on single supports (piles or suction 
caissons). Due to the high lateral loads and moments, an understanding of the failure mechanism in 
that direction must be developed. Moreover, as previously noted in the Introduction, most of current 
wind turbines are supported on monopiles, and by that analogy, most research on OWT foundations 
revolved around monopiles and mono-caissons. Thus, an understanding of the literature of this field 
will assist in understanding the overall design process of the system. The type of the foundation is 
dependent on numerous factors such as client requirements, legal noise restrictions, type and 
availability of barges, ground conditions, susceptibility of scour holes, and overall material 
requirements.  
2.1.1 Laterally Loaded Piles 
2.1.1.1 Ultimate Resistance of Laterally Loaded Piles 
The ultimate lateral resistance is characterized by a combination of the soil failure or failure of the 
piling material, which in the case of OWTs is steel. The soil failure, otherwise known as the mobilized 
soil resistance, of a laterally loaded pile is itself characterized by two failure mechanisms. The first 
occurs at shallow depths and is due to the formation of a passive “wedge” in front of the pile i.e. the 
direction of loading and a gap behind it. The second is associated with the plastic flow of soil around 
the pile in the horizontal plane which occurs at deeper levels, see Figure 2.2 and Figure 2.3 for the two 
failure mechanisms. The depth separating the two failure mechanisms is called the critical depth zcr 
and is defined as the distance at which both mechanisms predict a similar ultimate resistance soil 
pressure pu. It is evident that this problem is 3-dimensional and non-linear in nature and numerous 
solutions are presented in literature which tend to be semi-empirical or include idealized 
simplifications (Jamiolkowski & Garassino, 1977).   
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Figure 2.2: Conical Wedge Formation  
 
Figure 2.3: Flow Failure Mechanisms 
The accurate estimation of the ultimate lateral capacity of driven piles has not been a major concern 
in previous studies (which were mostly tailored for the oil & gas industry) as the deformation limit 
would be exceeded before the ultimate capacity (Poulos & Davies, 1980) and any conservative 
estimate would have sufficed. In subsequent sections, it is shown that this statement is not necessarily 
true for offshore wind installations where the ultimate capacity of the foundation plays an important 
role in estimating the long term tilt of the structure. Moreover, in OWT monopile design, the ultimate 
lateral capacity is a powerful tool which enables adequate preliminary estimation of the initial 
dimensions. Figure 2.4 shows a schematic of idealized pressure distributions of a rigid laterally loaded 
pile in cohesionless ground profiles obtained from different sources of literature. From the figure it is 
evident that the methods available frequently produce different results, making it difficult for 
engineers to accurately predict the value of pu (Zhang, et al., 2005). Moreover, the soil is idealized as 
a rigid plastic material with the limiting pressures having sharp transitions which is also an idealization 
of the real problem (Fleming, et al., 1992). A solution to enhance accuracy is to use advanced 3D Finite 
Element Analysis (FEA). However, FEA relies on complex constitutive soil models which often requires 
expert judgement in the selection and application of the soil models. 
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Figure 2.4: idealized distribution of pu with depth by (a) (Brinch Hansen, 1961)  (b) (Broms, 1964) (c) 
(Fleming, et al., 1992) (d) (Reese, et al., 1974) (e) (Prasad & Chari, 1999) (f) (Broms, 1964b) 
Rigid and flexible (slender) piles have been previously mentioned in the text. Rigid piles are short and 
bulky enough to undergo rigid body rotation in the soil under operational loads, instead of bending 
like a clamped beam, and the shear strength of the soil governs the design (soil fails before the pile). 
Slender/”infinitely” long piles undergo deflection under operating loads and fail typically through 
plastic hinge formation. The pile toe generally does not “feel” the effect of lateral loads at the mudline 
and the pile has exceeded the so called critical length, see for Figure 2.5 a schematic. The concept of 
critical length has been introduced in literature to differentiate rigid and flexible piles. This depends 
on the ratio of the foundation to soil stiffness and length to diameter ratio of the pile, where for 
instance, based on the elastic continuum approach, Randolph (1981) proposed formulations that are 
dependent on the pile stiffness EI and the soil shear modulus Gs. Poulos & Davies (1980) provided 
expressions which depend on the modulus of subgrade reaction kh and pile stiffness. Recently, Shadlou 
& Bhattacharya (2016) provided design charts to determine whether a pile is rigid or flexible 
depending on the ratio of ESO and Ep and the pile external aspect ratio LP/DP. The problem associated 
with these methods is the uncertainty of their application for multi-layered soils and the wide range 
of difference in results. Monopiles are usually bulky in nature and windfarms in 30m water depths 
have reported monopile sizes of up to 8m in diameter which would classify them as rigid piles. On the 
other hand, jacket piles have a much smaller diameter and are generally flexible in nature. Even 
though the wind and wave loads are mostly transferred through push-pull action as shown in Figure 
2.1, some lateral resistance is provided by the piles to maintain equilibrium in horizontal direction and 
so understanding the resistance of flexible deep foundations in the lateral direction is also important. 
Even in the perspective of monopiles, classifying whether a pile is rigid or flexible is crucial as Arany, 
et al., (2016) states that a difference of 1-6% in the natural frequency of monopile supported offshore 
wind turbines can arise between flexible and rigid foundation stiffness. This is crucial as the frequency 
must lie within a very tight band of forcing frequencies.  
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Figure 2.5: (a) Flexible Pile (b) Rigid Pile  
Ultimate Soil Resistance in Cohesionless Ground Profiles 
The objective of this section is to provide an overview of the different methods available in literature 
to assess the limiting pressure pu for cohesive and cohesion-less ground profiles. It may be noted that 
these formulations are also to be used as preliminary approximations and must be further refined 
using advanced geotechnical finite element analysis 
Broms (1964) estimated pu as shown in Eq.1 
Ppv DK
'
u 3p =          (1) 
This formulation assumes that the active pressure behind the pile is negligible and that the resistance 
along the front of the pile is three times the Rankine pressure. Also, the distribution of the pressure 
with depth is linear and is dependent on the effective stress σ’v 
p
1+sinφ'
K = 
1-sinφ'
          (2) 
Reese, et al., (1974) and Bogard & Matlock (1980) proposed the two failure mechanisms as the ones 
shown in Figure 2.2 and Figure 2.3. Hence, depending on depth, pu is the minimum of  
( )u 1 2 Pp = C z+C D γ'z  
u 3 Pp = C D γ'z           (3) 
Where C1,C2, and C3 are functions of the angle of the internal friction φ’ 
Fleming, et al., (1992) consdered that pu varies porpotionally with the square of Kp 
' 2
u v p Pp = σ K D           (4) 
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Zhang, et al., (2005) split pu into two components as shown in Eq.5 
( )u max maxp = ηp +ετ          (5) 
Where η and ε depend on the shape of the pile, pmax is the pressure provided by Fleming, et al., (1992) 
and τmax may be calculated according to the guidance provided in the API as shown in Eq. 6. 
'
max vτ = Kσ tanS          (6) 
The values of of K and S may be obtained from Poulos & Davies (1980). Effectively this method is 
incorporating the resistance of the top and bottom shear stresses developed during loading. 
Ultimate Soil Resistance in Cohesive Ground Profiles 
Broms (1964b) suggested a simplified distribution for clays where the resistance between the ground 
surface and depth of 1.5Dp is neglected and a constant value of 9cuDp below that depth. Matlock (1980) 
recommended that the ultimate soil resistance increases from 3cu to 9cu for z<zcr and then remains 
constant with depth such that 
For z<zcr 
' u
u P u v
P
c z
p = D 3c +σ +J
D
 
 
 
          (7)  
For z>zcr 
u u Pp = 9c D            (8) 
P
cr
p
u
6D
z = 
γ'D
+J
c
           (9) 
Where J is a dimensionless empirical constant 
For stiff clays, Reese & Welch (1975) suggested a different variation of strength for piles below the 
water table where soil resistance increases from 2cu to 11cu. The API and DNV-OS-J101 codes currently 
state that stiff clays are generally more brittle than soft clays, however, no computational data is 
provided. Sullivan, et al., (1980) advises a J value of J=0.25 for stiff clays and a J=0.5 for soft clays to 
account for brittle behaviour of stiffer clays, which is also the method adopted in standard p-y type 
software such as ALP. For very stiff clays, solutions are available in literature which can be found in 
Dunnavant & O'Neill (1989). 
Lateral capacity computation 
The solutions for pu provided above can then be used to calculate the ultimate lateral capacity of the 
piles. Offshore loads often act at an eccentricity “e” and results in a combination of a lateral load and 
moment at the mudline. In OWT applications, this moment is relatively high considering the high 
thrust force at hub level. Thus, it is important to understand the lateral capacity under the framework 
of combined lateral and moment resistance of the foundations.  Consider the rigid pile in Figure 2.6 
under the action of a lateral load H and a moment M. The assumed ultimate pressure distribution is 
one suggested by Broms (1964a) for cohesionless sand. “d” is the assumed centre of rotation of the 
pile due to the combination of H and M. Considering the horizontal equilibrium of the system: 
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Figure 2.6: Rigid Pile in Cohesionless Soil 
Similarly, considering the moment equilibrium at the top of the pile: 
3 3 3 3 3
p P P
d L d L -2d
M=- D Kγ'+ - D Kγ'= D Kγ'
2 3 3 3
   
   
   
         (11) 
Taking the pivot point d as a common factor between Eq. 10 and Eq. 11 results in the interaction curve 
shown in Eq. 12 and a plot of the Equation is shown in Figure 2.7. 
2 3
3 2
p p
1 3M H 1
- = +
2 2L D Kγ' L D Kγ' 2
   
      
   
            (12) 
 
 
Figure 2.7: Interaction curve of Eq.12 
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Hence, any combination of external forces should lie within this envelope to avoid failure. Clearly, the 
applied lateral load and moment on an OWT are in the same direction and only the first quadrant is 
relevant. One can then identify two points; the point where the pile can only resist a moment and zero 
lateral load and vice versa. This can be done through inspection of Eq.10 and Eq.11. 
At 
L
d = 
2
 
3
P
2 1
H = 0,M = L D Kγ'
3 2
 −
  
 
 
And at 
3
L
d = 
2
 
3
2
P
2 1
M = 0,H = L D Kγ'
2
 −
  
 
       (13) 
An example spreadsheet of the process above can be found in Appendix C. 
A similar process can be performed on clayey ground profiles where the pressure distribution is 
assumed to be constant with depth as recommended by Broms (1964b). 
 
Figure 2.8: Pressure distribution in clayey soils 
Considering the horizontal equilibrium: 
( ) ( )p c u P c u P c uH=dD N c - L-d D N c = 2d-L D N c        (14) 
Taking the moment about the pivot point: 
( )
22
p c u p c u
L-dd
M+Hd= D N c - D N c
2 2
       (15) 
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Again combining the two equations results in the interaction equation 
2 2
p c u
L -2d
M= D N c
2
         (16) 
Similarly, the points of maximum horizontal and moment resistances can be found as 
At 
L
d = 
2
2
p c u
L
H = 0,M = D N c
4
        
At 
L
d = 
2
, ( ) p c uM = 0,H = 2 1 LD N c−       (17) 
The following points may be discussed regarding the presented methodology: 
• The sudden transition in the pressure at the pivot point is rather unrealistic. 
• In sands, the model does not taken advantage of presence of the vertical load, which increases 
the confinement and enhances the lateral resistance. In clays, the model does not take into 
account the reduction capacity due to the presence of vertical loads. 
• The distribution of pressure with depth also plays an important role in dictating the size of the 
interaction curve and it is recommended that some of the pressures are calibrated with advanced 
finite element modelling and checked against the distributions provided from different sources.  
• The method assumes a rigid pile behaviour. In cases where the computed moment M is greater 
than the plastic moment capacity of the pile Mp, then M should be replaced with MP and the 
horizontal capacity needs to be recalculated accordingly. 
•  The models presented in literature do not include the skin frictional forces and base shearing. 
This means that the estimates provided by this model are on the conservative side. Recent 
research, or generally known as the “PISA” (Pile Soil Analysis) on OWT monopiles  provides 
a methodology to include the additional contributions of the vertical shear stress on the 
perimeter and the base shear to lateral load capacity  which ultimately leads to shorter piles. An 
overview of the method is provided in Byrne, et al., (2015) where some examples have been 
taken to show the contribution of the resistance of each component (with the highest provided 
by the ultimate pressure pu). Comparisons to the pressures provided in current codes were also 
presented and it is shown that current standards underestimate both the stiffness and the 
capacity of the system. Similarly, more details on the numerical models used and the 
correlations with site data were presented in Zdravković, et al., (2015).  
2.1.1.2 Load-Deformation Characteristics of Piles 
The load-deflection performance of laterally loaded piles, which in this thesis will be termed the 
foundation stiffness, is crucial to at least 2 limit states: The Target Natural Frequency and Serviceability 
Limit State (SLS). Consequently, the computation of the foundation stiffness is an important 
parameter in design. Traditionally in the offshore oil and gas industry, p-y curves were employed to 
predict the load-deformation characteristics of driven piles. The basis of this methodology is the 
Winkler approach where the continuum nature of the soil is neglected and the medium is modelled 
as a set of independent springs along the depth of the pile, see Figure 2.9. The approaches suggested 
in offshore design standards offer empirical expressions to account for non-linear and hardening 
nature of soil. These expressions are based on a few lateral load tests by researchers on slender 1-2m 
diameter piles and are based on regression analysis. 
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Figure 2.9: Schematic of the p-y curve approach 
Each spring is defined by an elastic-plastic behaviour whereas the load increases, the displacement 
along with the soil reaction pressure increases until reaching the defined ultimate value pu which has 
been discussed in the previous section. This section describes the p-y curves adopted in current 
standards or the ones used in recent industrial p-y curves software 
In cohesionless ground profiles, both the API and DNV design codes recommend the same equations 
for p-y curves in sands which is based on the work of Reese, et al., (1974). 
u
u
kz
p=Ap tanh y
Ap
 
 
   where P
z
A= 3.0-0.8 0.9
D
 
 
   for static loads     
This is a hyperbolic tangent function which simulates the nonlinear behaviour of the soil, where k is 
the modulus of subgrade reaction which depends on the angle of friction φ’ 
( )2.45 3k= 0.008085 26.09 10 ,29 45 −   
      (18) 
The value of pu can be calculated be calculated as per Eq.3. The value A given for cyclic loads is 0.9, 
indicating a loss of stiffness during cycling. Further discussion on the effect of cycling is provided in 
subsequent sections of this thesis.  
In cohesive soils, the p-y curve of the each spring is dependent on the stain that occurs at one-half the 
maximum stress in a laboratory undrained triaxial compression test ε50 
1
3
u 50
p y
 = 0.5
p y
 
 
 
    50 50 Py  = 2.5ε D          (19) 
In the absence of site-specific laboratory tests, Sullivan, et al., (1980) suggest a value 0.02 for ε50 in 
soft clays and 0.01 for firm clays. For cyclic behaviour, the DNV suggests multiplying the ultimate 
strength pu (Shown in Eq.7-9) by a factor of 0.72 at shallow depths (z<zcr) or a factor of 0.72z/zcr at 
deeper levels, in both cases indicating a degradation of stiffness. In the similar manner to the 
computation of the ultimate pressure pu, current standards are not adequately clear on the behaviour 
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of the p-y curves in stiff clays. Sullivan, et al., (1980) recommend changing ε50 to 0.004-0.005 in stiffer 
deposits and hence increasing both strength (through the previously discussed J parameter) and 
stiffness. Reese & Welch, (1975) state that the power of the parabolic curve shown in Eq.19 should be 
1/2 rather than 1/3 and introduced some empirical factors to reduce the ultimate strength. These 
changes however, are not included in the current API and DNV codes.  
Benefits and drawbacks of p-y curves 
p-y curves have been long used in industry for slender piles supporting offshore platforms with 
satisfactory accuracy. This discrete method provides simple means of calculating deflection, rotation, 
moment, and shear along a pile making it a very powerful numerical technique (Elson, 1984). 
Numerous software packages are available at reasonable costs such as LPILE, ALP, PYGM, or even 
coding the curves on MATLAB. As shown from the presented equations, non-linearity and variation of 
stiffness with depth are also incorporated within the models. However, some drawbacks have been 
discussed extensively in literature on the applicability of p-y curves in monopile supported OWTs. 
Modelling a the soil as discrete springs results in deformations occurring at certain points, whereas in 
real continuum soils the displacement at a point is affected by stresses at other points within the soil 
which means p-y curves do not account for the transfer of shear within the soil mass. In addition, some 
ambiguity still lies regarding the value of the subgrade modulus “k”, such as the one shown in Eq.17-
18. These values are usually obtained from in-situ lateral plate or pile tests which means that k 
depends on the size of the loaded area and could not be considered as a fundamental constant. A 
study by Randolph, et al., (1979) in clays shows that results of p-y curves are sensitive to selected 
parameters and “subjective judgement” can lead to a huge loss in accuracy when the results were 
compared to pile load tests. The reason being is that additional factors such as pile installation 
method, where a considerable amount of stiffness is reduced due to hammering, are not taken into 
account due to the difficulty of quantifying them. It is then desirable at late stages of the design (and 
prior to construction) to perform in-situ lateral pile load tests and calibrate/reconstruct the design p-
y curves. It is also well established that some soils have a stress state “memory” and environmental 
effects such as scour are difficult to take into account through p-y methodology. Work by Lin, et al., 
(2010) and Lin, et al., (2014) indicates that the stress history should be considered when analysing 
scour affected piles. The stress history can change as a result of the decrease of the overburden 
pressure which leads to an increase in the OCR of the remaining soil. The proposed p-y curve including 
stress history have shown that conventional p-y curves lead to conservative results in sands and 
unconservative results in soft clays.  
With regards to OWT monopiles Lesny, et al., (2007) used FEA Package ABAQUS to model a 6.0m 
diameter monopile in sand under service loads and concluded that p-y curves overestimates the 
foundation stiffness at deeper levels which is indicative of the rigid behaviour that is not accurately 
captured by p-y curves (which as previously stated were calibrated against slender piles). A similar 
conclusion was reached by Augustesen, et al., (2009) where a 4.0m diameter in stiff sand at Horns Rev 
was modelled with Finite Difference package FLAC with a Mohr-Coulomb failure criterion. The results 
show that FLAC predicts a pile head deflection that is 62% higher predicted by p-y curves under 
ultimate loads. FLAC also showed a higher deformation at the toe level questioning the flexibility of 
the pile using conventional p-y curves. Krishnaveni, et al., (2016) proposed a method to extract p-y 
curves from FEA package PLAXIS 3D. A good match was found with conventional p-y curves for 1m-
2m diameter piles and large deviations at higher diameters. Other discussions in literature revolve 
around how current p-y curves represent the response under cyclic loads where stiffness is lowered 
independent of the rate of cycling and the applied strains. Subsequent discussions in this literature 
review will show that this is not necessarily true where stiffening effects are may occur in sands. Due 
to the discussions above, current research is undergoing to “update” the p-y curves such as the one 
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previously described in the PISA project. Judging from the above, it may be concluded that p-y curves 
may provide a preliminary estimate of the stiffness of the foundations, however for detailed analysis, 
FEA packages must be used.  
It is important to note that the discussion above revolves around the “static” spring stiffness which is 
independent of the frequency of the applied load. Frequency dependent (dynamic) p-y curves have 
also been discussed in literature such as Anoyatis & Mylonakis, (2012). These however are considered 
outside the scope of the thesis as the applied loads considered 1P, 3P, wind and wave (to be discussed 
in detail in subsequent sections) have a low frequency. The dynamic stiffness is applicable to OWTs 
sited in seismic areas such as Taiwan, India, and some areas of the United States.  
Macro-element soil models 
Another method to represent the lateral stiffness of deep foundations is the representing with a set 
of lumped springs at the mudline (pile head), see Figure 2.10.  
 
Figure 2.10: Mechanical model representing the foundations with a set of springs after (Arany et al., 2016) 
The set of springs are namely the lateral spring KL, the cross-coupling spring KLR, the rotational spring 
KR, and the vertical spring KV. The main input to obtain the stiffness values of the spring are the pile 
dimensions and the ground profile (soil stiffness variation along the pile length). Similarly, the 
discussion provided in this section are on the static stiffness of the springs. Dynamic solutions for deep 
and shallow foundations are extensively available in literature. The clear advantage of using such 
models is the simpler computational capabilities. Various closed form solutions are available in 
literature to compute spring stiffness values for both rigid and flexible piles in different types of ground 
profiles such as Randolph, (1981), Shadlou & Bhattacharya (2016), Carter & Kulhawi (1992). The 
drawbacks of this method is that it does not incorporate the plastic straining of the springs (not to be 
confused with the non-linear elastic springs) and are practically only useful in linear Eigen vector and 
load-deformation analysis at low strains (service loads). Moreover, modelling a complex stratigraphy 
may be difficult using the macro-element model. Finally, if deformations are required, the model only 
results in deformations at the mudline and not along the depth of the pile. Table 2.1 summarizes rigid 
and flexible pile stiffness values from different sources of literature for different ground profiles. With 
reference to the Table 2.1 the ground profile is defined as the stiffness variation with depth. 
Homogeneous soils are soils which have constant stiffness with depth such as over-consolidated clays. 
On the other hand, a linear profile is typical for normally consolidated clays and parabolic can be used 
for sandy soils.  
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Table 2.1: Stiffness formulae provided from different sources of literature. 
Ground Profile ( )
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Rigid Piles (Basu & Higgins, 2011) 
Homogeneous 
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Rigid Piles (Shadlou & Bhattacharya, 2016) 
Homogeneous 
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Flexible Piles (Randolph, 1981) 
Homogeneous 
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Flexible Piles (Pender, 1993) 
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Flexible Piles Eurocode 8 part 5 
Homogeneous 
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Flexible Piles (Shadlou & Bhattacharya, 2016) 
Homogeneous 
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*For (Shadlou & Bhattacharya, 2016) ( )s sf υ =1+0.6 0.25-υ  else ( ) ss
s
1+υ
f υ =
1+0.75υ
 and ESO is the 
stiffness at 1DP depth 
**For hollow driven piles P p
P
4
P
E I
E =
π
D
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***Example of spreadsheet type approach for solving these equations can be found in Appendix C 
From Table 2.1, it may be observed that for rigid piles the stiffness terms are a function of the aspect 
ratio LP/DP and the soil stiffness ESO, whilst for flexible piles the stiffness terms are a function of the 
relative pile soil stiffness (EP/ESO). Further descriptions of the macro-element model will be discussed 
in Chapter 4. 
2.1.2 Laterally Loaded Suction Caissons 
2.1.2.1 Ultimate Resistance of Suction Caissons 
In a similar way to laterally loaded piles, the ultimate capacity of shallow caissons is dependent on the 
rotation centre which dictates the proportion of lateral load and moment resistance. The highest 
lateral load resistance is when the caisson translates without rotation which is more relevant in 
multiple supports and research on caissons supporting floating offshore platforms. In OWT 
applications, specifically where caissons are used as a single support, both H and M will occur, and 
thus the interaction between the lateral load and moment (and in some cases the vertical load) will 
be presented in this section. These are derived with the same equilibrium equations which were 
shown in the previous section on piles. The main resistance components is formed off the 
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passive/active resistance, and the side friction. Some researchers also include the contribution the 
reaction at the base, see Figure 2.11.   
 
 
Figure 2.11: Resistance components of suction caissons 
The formulations provided are based on literature providing analytical methods that are based on 
equilibrium equations and confirmed through centrifuge tests or scaled model testing. For 
cohesionless ground profiles, Byrne (2000) derived the following formulation for a suction caisson 
subjected to a pure horizontal load 
( )C p a
γ'D
H=Vtan '+ k -k
2
         (20) 
A similar solution is provided by Miedema, et al., (2007) for caissons supporting floating platforms  
2
b q CH = 0.5A N γ'L  where 
πtan ' 2
q
'
N =e tan 45
2
  + 
 
      (21) 
For cohesive ground profiles, the lateral capacity may be computed according to Eq.22 
C C P uH=D L N c           (22) 
Such that DC is the diameter of the caisson, LC is the skirt length, Np is the lateral capacity factor (which 
can be taken as 2.5 for linearly increasing shear strength and 4 for constant shear strength with depth 
(Randolph & Gourvenec, 2011)), cu is the average shear strength. It is interesting to note the similarity 
between Eq.22 for caissons and Eq.7-9 for piles. 
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Subsequently, Villalobos (2006) introduced an eccentricity and hence allowed for the computation of 
an interaction between Moment and Horizontal load. Moreover, the frictional resistance between the 
soil plug and the surrounding soil was included in this formulation as follows: 
( )
( ) ( ) ( )
2 2
2C p a 3 3 2 2 C C
C C p a C
D γ' k -k L γ'πD1
M = L -2d  + D γ' k +k L -d +d tanδ + tan '
3 2 4
 
 
                          (23) 
Likewise, Schakenda, et al., (2011) considered the caisson as a solid embedded object and the point 
of rotation lies within the confines of the caisson skirt. The authors ignore the contribution of the 
frictional resistance between the soil plug and the surrounding soil. Additionally, it is stated that the 
formulation assumes that the deflected shape of the caissons is described by the rotation of two 
parallel walls whilst the lid remains horizontal. This allows for the separate considerations of the walls 
which are analysed using Coulomb theory, see Figure 2.12.  
( ) ( )
2 3
C C C C
p a p a C
L γ'πD D γ'D
M = Ve+ k +k tan '+ k -k  -HD
4 6
      (24) 
Where 
C C
π '
D = D +0.25L
4 2
C
 
+ 
 
          (25) 
 
Figure 2.12: Assumed deformed shape of the Caisson 
Through 1-g scaled model tests, Zhu, et al., (2014) and Zhu, et al., (2011) provided a similar approach 
to predict the lateral capacity of caissons. The authors state that in addition to the active and passive 
pressures of the outer skirt and the shaft friction, the vertical subgrade reaction under the caisson lid 
also contributes to the resisting moment. Consequently, the authors exclude friction between the soil 
plug and the surrounding soil and replace it with the tip resistance below the skirt. The provided 
methods are sufficient for a preliminary estimate of the caisson capacity which enables engineers to 
obtain the first size. For an accurate description of the resistance of the caisson, and for that matter 
pile foundation interaction curves must be produced using finite element models. A description of the 
soil models used in finite element modelling and the resistance under combined loads is further 
discussed in subsequent sections.  
2.1.2.2: Load-Deformation Characteristics of Suction Caissons 
It is not common to apply the p-y approach to caisson type foundations due to the rigid behaviour 
caused by the low aspect ratio and the complexity of including the soil plug in the formulations. 
Instead, the macro-element springs have extensively used in literature to quantify the stiffness of 
shallow foundations in elastic half-spaces. A distinction here has to be made between embedded and 
skirted foundations. Skirted foundations trap the soil mass below the lid, whilst embedded 
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foundations are either fully solid, or rest directly above the soil mass, such as circular footings without 
skirts. There is abundant research from the field of machine foundations where both static and 
dynamic spring stiffness formulae in homogeneous soils are available in literature (Gazetas, 1983) 
,(Gazetas, 1991) (Poulos & Davis, 1974), and (Wolf & Deeks, 2004). Generally, most literature reports 
that stiffness decreases with increasing strains and increasing forcing frequencies. Less work has been 
done on the elastic and non-linear stiffness of a suction caisson. Doherty, et al., (2005) used FEA to 
provide tabulated coefficients for computing the elastic stiffness. The analyses were carried out using 
variations of Poisson’s ratio, skirt embedment, and relative skirt to soil stiffness in homogeneous, 
linear, and parabolic ground profiles. The values were presented as tabular coefficients which can be 
used for preliminary foundation sizing and recommended interpolation within the values. Recently, 
Gelagoti, et al., (2015) used mathematical operations to convert the spring stiffness of a shallow 
embedded foundation suggested by Gazetas (1983) to a skirted caisson. The aforementioned research 
also shows that the stiffness value of a rigid caisson and a rigid embedded foundation are very similar. 
It also discusses the effect of skirt flexibility and strain level on the impedance values. Latini & Zania 
(2017) studied the dynamic lateral response of suction caissons and presented an equation which 
provides a good estimate of the elastic deflection and rotation. However these equations cannot be 
used for simplified dynamic calculations. The following provides a summary of some of the formulae 
from literature.  
From: Gazetas (1983) (Homogeneous soils) 
S C C C C
L
S C
4G D D 4L 5L
K = 1+0.25 1+ 1+
2-υ H 3D 4H
    
    
    
 
LR L CK =-0.4K L  
( )
3
S C C C
R
S C
G D D 4L L
K = 1+ 1+ 1+0.7
3 1-υ 12H D H
C
    
    
    
 
Where H is the depth of bedrock. These equations are applicable to the following conditions: 
C
C
L
4
D
 and C
L
0.5
H
         (26) 
Similarly from Wolf & Deeks (2004) (Homogeneous soils)  
S C C
L
S C
2G D L
K 1+2
2-υ D
 
=  
 
 
C
LR L
L
K - K
3
=  
( )
3
3
S C C C
R
S C C
G D L L
K 1+4.6 +4.64
8 2-υ D D
  
 =  
   
       (27) 
 
Finally, from Gelagoti, et al., (2015) 
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S C C C C L C
R
S C
G D D 4L L K L
K = 1+0.085 1+ 1+0.65 +
3 1-υ H D H 3
    
    
    
   (28) 
The paper also provides approximations on how to include the relative flexibility of the foundation to 
the flexibility of the soil.  
2.2 Vertically Loaded Foundations 
The contents of this section are primarily concerned with OWTs on multiple supports (3-leggged 
jackets, 4-legged jackets, tripods). Due to the “frame’’ shape of the geometry, the lateral loads and 
moments are mostly resisted in the vertical direction, and hence, an understanding of the failure 
mechanism that direction must be developed. To maintain equilibrium, the “frame” must also 
maintain equilibrium in the horizontal direction and hence the formulations provided in Section 2.1 
may be applied. This is also of importance to monopiles as they have to be designed to resist gravity 
loads.  
2.2.1 Vertically Loaded Piles  
The axial capacity of driven piles has been researched extensively for oil and gas developments and is 
generally well understood. Appendix A of the  (DNVGL-RP-C212, 2017) provides detailed formulations 
on how to compute the axial capacity of a pile in tension and compression in different types of ground 
profiles and can be summarized as follows:  
• The ICP method, for which details are provided in Jardine, et al., (2005) (Requires CPT data) 
• The NGI method, for which the details are provided in Karlsrud, et al., (2005) and Clausen, et 
al., (2005) (Requires CPT data) 
• The API approach, which can be found in (API-RP2A-WSD, 2014) 
The pile axial resistance is composed of two-parts; the skin resistance and end bearing resistance  
S BQ = Q +Q          (29) 
2.2.1.1 Ultimate Capacity of Vertically Loaded Foundations      
Vertical Capacity in Cohesive Ground Profiles 
The ICP method: 
The unit skin friction of a layer can be taken as  
( )rc rdf= σ' σ' tanδ+          (30) 
 where σ’rc is the effective radial stress after equalization and σ’rd is the increase in the radial stress 
due to dilation (which is usually considered to be negligible in large offshore monopiles) 
-0.38
0.13
v
rc c
2 2
a out in
σ' h
σ' =0.029q
p R -R
  
  
    
     (31) 
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Where qc is the cone resistance, pa is the atmospheric pressure, and h is the distance above the pile.  
The unit base resistance for an open ended pile in the plugged condition  
P
b r c
D
q =max 0.5-0.25log ,0.15,A q
0.036
 
 
 
     (32) 
For the unplugged condition 
b r cq =A q  
Such that 
2
in
r
out
D
A =1-
D
 
 
 
         (33) 
and 
cq  is the cone resistance averaged vertically over 1.5Dp the point in question 
The NGI Method 
The unit shaft friction is computed as 
a Dr load tip mat sig v
tip
z
f=max p F F F F F ,0.1σ'
z
 
 
  
     (34) 
Such that  
( )
1.7
Dr rF = 2.1 D -0.1  
( )
c
r 0.5
v a
q
D =ln
22 σ' p
 
 
  
 
-0.25
v
sig
a
σ'
F =
p
 
 
 
         (35) 
Fload: 1 for tension and 1.3 for compression 
Ftip : 1 for open-ended piles 
Fmat : 1 For steel 
ztip : Pile tip depth 
pa : atmospheric pressure 
For open-ended plugged, the end bearing resistance is given by  
cq ,tip
b 2
r
0.7
q =
1+3D
                   (36) 
The API method 
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vf=Kσ' tanδ          (37) 
Unit End Bearing at the bottom of the pile is calculated according to Eq.37 
u v qq =σ' N           (38) 
In the absence of site specific data, recommendations for the friction angle is suggested by the API 
and summarized in Table 2.2 where the table also shows the limiting values for the soil friction and 
end bearing values. 
Table 2.2: Limiting values for the piles in sands and silts as per API recommendations 
Density Soil Type 
Soil-Pile 
Friction Angle 
(0) 
Limiting 
Friction  
(kPa) 
Nq 
Limit End 
Bearing 
(MPa) 
Very Loose 
Loose 
Medium 
Sand 
Sand-Silt 
Silt 
15 47.8 8 1.9 
Loose 
Medium 
Dense 
Sand 
Sand-Silt 
Silt 
20 67.0 12 2.9 
Medium 
Dense 
Sand 
Sand-Silt 
 
25 81.3 20 4.8 
Dense 
Very Dense 
Sand 
Sand-Silt 
30 95.7 40 9.6 
Dense 
Gravel 
Sand 
35 114.8 50 12.0 
 
Vertical Capacity in Cohesive Ground Profiles 
The ICP method: 
The unit skin friction of a layer can be taken as  
rcf=0.8σ' tanδ  where σ’rc is the effective radial stress after equalization  (39) 
rc C Vσ' = K σ'          (40) 
Where KC is a function of the over consolidation ratio, the shape of the pile, and the “sensitivity” of 
clay  
The NGI Method 
The unit shaft friction may be computed as:  
uf=αc  where α is a multiplier which is < or = to 1    (41) 
For normally consolidated clays  
( )
0.3
NC Pα = 0.32 I -10  where IP is the % plasticity index    (42) 
29 
 
For “highly” over consolidated clays  
-0.3
OCα = 0.5ψ          (43) 
Where u
v
c
ψ =
σ'
 
The API method 
uf=αc           (44) 
Where α can be calculated as follows 
-0.5α=0.5ψ ,ψ<1  
-0.25α=0.5ψ ,ψ>1 where u
v
c
ψ
'
=       (45) 
In clays, the base resistance comprises a relatively minor part of the total capacity of most driven piles 
(Jardine, et al., 2005), and thus it is mobilized at greater displacements than the shaft capacity. This 
means complex and detailed calculations are usually not required and the end bearing pressure of all 
the methods above may be computed as 
u uq = 9c          (46) 
Previous mention in the text refers to plugged and unplugged piles. Plugging occurs when the pile tip 
passes from strong material into weak material. This is because in the strong material, the internal 
shaft resistance will be high but the end bearing resistance will be low due to the weak material. 
When using these formulations, it is important to remind that they have been developed on large-
scale tests in specific soil conditions 
As a result, designers should assume the ultimate capacity of the pile is estimated by taking the lower 
values of two mechanisms: 
• Unplugged penetration i.e. soil column in the pile remains stationary. 
• Plugged penetration i.e. the soil column moves downward within the pile. 
Piles that plug during static loading do not necessarily remain plugged during pile driving. Pile driving 
is a dynamic process (hammer impact on the pile) and the inertia of the soil plug encourages slip 
relative to the pile, preventing plugging. Therefore, piles usually drive unplugged.  
It is also important to note that the methods provided to estimate the pile capacity are based on large-
scale tests in specific locations, hence they can be used in confidence within the limits of observations 
upon which it was observed. In other words, one has to be careful to extrapolate the formulations 
into ground profiles that differ from the test location.  
Cyclic axial capacity of piles 
It is agreed in literature and practice that the cyclic capacity is lower than the static capacity for piles 
driven in sands and clays. As stated in Jardine, et al., (2005), the reduction occurs due to the change 
in the shaft capacity where cycling: 
• Changes the local radial effective stresses that act on the shaft. 
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• There is a possible degradation in the local values of δ where pile slip occurs. 
• Transferring the shaft loads to lower depths as upper shaft friction degrades 
Based on field tests in Dunkirk Jardine & Standing (2012) proposed an interaction diagram of driven 
piles in sand based on the cyclic and mean axial loads up to 1000 cycles. The authors also suggest a 
difference in the response one-way and two-way loads where high amplitude two-way loads resulted 
in a higher damage to the capacity. Similar interaction diagrams for clays can be found in Lehane & 
Jardine, (2003) and Andersen, et al., (1980) and a detailed methodology on how to compute one-way 
and two-way loads for monopiles (and can be easily implemented on jacket type structures) is 
presented in Jalbi, et al., (2018) and further elaborated on in this thesis. Designers are encouraged to 
use such interaction charts in storm design conditions where numerous high energy wave loading 
cycles occur at a high frequency. 
Time effects on axial capacity of piles 
It is also well known that the static pile capacity increases with “aging” (Tavenas & Audy, 1972), (Chow, 
et al., 1998), (Long, et al., 1999), (Axelsson, 2000), (Bhattacharya, et al., 2007) (Gavin, et al., 2012). 
However, it must be noted that it is difficult to quantify the increase due to the interdependence of 
multiple factors and a high variability in results is evident in literature. It is therefore not common 
practice to incorporate ageing in the design and sizing of driven piles, however aging may be used in 
assessing the associated piling failure risk assessment when pile utilization ratios are agreed between 
design engineers and clients.  
Behaviour in multi-layered ground profiles 
In some cases, special care must be taken when applying simplified formulations to predict the axial 
capacity of the pile. For instance, if a soft layer is below the tip of the pile then the capacity will reduce. 
End bearing might not develop if a soft layer overlays a hard layer and the pile base is short in the hard 
layer. Moreover, it is always recommended to ignore stronger soils in relatively thin layers. Driven 
piles in chalk (which might be encountered in European waters) also requires special examination. 
2.2.1.2 Load-Deformation Characteristics  
In a similar manner to laterally loaded piles, the stiffness in the vertical direction can be analysed by 
discrete Winkler springs or through a macro-element spring and have the same benefits and 
drawbacks discussed in Section 2.1.1.2. Instead of p-y curves, q-z/t-z curves are used, where the q-z 
curve describes the relationship between the axial tip resistance q and the axial tip displacement z and 
the t-z curve describes the relationship between the mobilized shaft friction t on a pile when the pile 
deflects a distance z at that considered point. In this thesis, the macro-element approach of 
representing the pile with a single spring will be used to idealize the foundation stiffness. Table 2.3 
provides a summary of the vertical stiffness of piles from different sources of literature. These are the 
inverse of the load-displacement relationships and include the contribution of shaft friction and end-
bearing. Thus, these pile stiffness values are for the compression loading case and in the case of tensile 
loading, only the shaft friction should be considered.  
Poulos & Davis (1980) presented Eq.47 to find the percentage of the load taken by the pile base  
base
total p
p
P 1
 = 
P L
+1
D
 
  
 
       (47)   
Pile aspect ratios (Lp/Dp) in the range of 15-25 are expected for jacket piles supporting offshore wind 
turbines as the loads are mainly resisted in the axial direction. This results in a percentage of 4-6% 
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contribution of the base to the vertical stiffness of the piles. Thus, for preliminary sizing, it is assumed 
that the shaft is the only parameter contributing to the vertical stiffness of the pile making the 
formulations less dependent on the diameter. Moreover, this will facilitate the computation as the 
pile stiffness will be the same for both tension and compression, assuming the stiffness in tension and 
compression have the same safety factors. Subsequent chapters of this thesis will show how these 
vertical stiffness “springs” are used to estimate the natural frequency and overall deformations of the 
structure.   
Table 2.3: Summary of vertical stiffness of deep foundations 
Deep Foundations 
Reference Applicability Vertical stiffness Other Comments 
(Poulos & 
Davis, 1968) 
For “rigid” piles in  
homogeneous 
ground profiles ( )
P
S P
P
v 2
s
L
πE D +1
D
k =
4 1-υ
 
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   
 
(Novak, 1974) 
For piles in 
homogeneous 
and parabolic 
ground profiles P P
v s
P
2E A
k = f
D
 
fs is a factor 
dependent on the 
aspect ratio LP/DP and 
the relative pile to soil 
stiffness. Tabular 
format can be found 
in (Novak & El 
Sharnouby, 1983) 
(Randolph & 
Wroth, 1978) 
For piles in 
homogeneous 
and linearly 
varying ground 
profiles 
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2D G πL
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 
 
 
 
PL
G
G

−
=
,  
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P
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(Poulos & 
Davis, 1980) 
For piles in 
homogeneous 
ground profiles  
P S
v
D E
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I
 
0 K h VI=I R R R  where 
the value of each 
parameter can be 
obtained using the 
dimensionless charts 
provided in the 
reference. 
(El Sharnouby 
& Novak, 1990) 
For piles in 
homogeneous , 
parabolic, and 
linear ground 
profiles 
P P
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P
2E A
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D
 
 
(Fleming, et al., 
1992) 
For floating piles 
in homogeneous 
and linearly 
varying ground 
profiles 
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(Mylonakis, 
2001) 
Static Winkler 
type springs, may 
be input into 
standard 
software to 
obtain the overall 
stiffness 
-1/40 -0.6
v P P
s S P
K E L
=1.3 1 7
G E D
    
 +        
 
This is the average 
value. For different 
ground profile, the full 
solution may be found 
in the reference. 
Dynamic stiffness 
values may be found 
in (Anoyatis & 
Mylonakis, 2012) 
 
2.2.2 Vertically Loaded Suction Caissons 
2.2.2.1 Ultimate Capacity of Suction Caissons 
Compression 
For the compressive capacity (DNVGL-RP-C212, 2017) recommends the methods of (Hansen, 1970). 
For cohesive or cohesionless soils the ultimate vertical capacity can be calculated as shown in Eq.48 
and 49 
R
c u c
V
=N c K
A
         (48) 
Where Kc is dependent on the correction factors which are dependent on whether the conditions are 
drained or undrained and the methods of computation is summarized in Table 2.4 
c c c cK =1+s +d -i          (49) 
For cohesionless ground profiles the capacity may be calculated as 
R
C γ γ v q q
V 1
= γ'D N K +σ' N K
A 2
       (50) 
q q q qK =s d i  and γ γ γ γK =s d i         (51) 
Table 2.4: Factors for the vertical capacity of suction caissons 
Correction factors Undrained Drained 
Bearing capacity factor cN =2+π  
πtan ' 2
q
'
N =e tan 45
2
  + 
 
 
( )' qN =1.5 N 1 tan ' −  
Shape factor ( ) Cc c
C
D
s =0.18 1-2i
L
 
C
q q
C
D
s =1+i sin '
L

 
 
 
,
C
γ γ
C
D
s =1-0.4i
L
 
 
 
 
Depth Factor 
-1 C
c
C
h
d =0.3tan
D
 
 
 
 ( )
2-1 C
q
C
h
d =1+1.2tan tan ' 1 sin '
D
 
 
− 
 
 
Vertical load inclination factor ci 0=  q γi =i =1  
Note: The methods suggested do not consider the frictional capacity on the outer face of the caisson. 
For significantly large caissons (i.e large L/D) friction may be estimated in the same way as piles. For a 
33 
 
shear strength with linear variation of shear strength, factors found in Houlsby & Martin (2003) may 
be used 
Tension 
For cohesionless ground profiles and as shown in Randolph & Gourvenec (2011), the pull out capacity 
of a suction caisson is the minimum of Eq.52-54 
R1 se e u c u eV =W'+A α c +N c A         (52) 
R2 se e u si u siV =W'+A α c +α c A         (53) 
'
R3 se e u plugV =W'+A α c +W        (54) 
Where Ase is the external shaft area, Asi is the internal shaft area, Ae is the external cross-section area, 
α is the coefficient of friction between the shaft and the soil, Nc is the reverse end bearing factor (can 
be taken as 9), cu is the shear strength at the mudline, cu is the average shear strength over the 
penetration depth, W’ is the submerged caisson weight, and W’plug is the effective weight of the soil 
plug 
For Cohesionless ground profiles, the solutions available in Houlsby, et al., (2005a), Houlsby, et al., 
(2005b) may be used as shown in Eq.55 
( ) ( ) ( ) ( )2 2R e Ce i Cie i
e i
h h
V =W'+γ'Z y Ktanδ πD +γ'Z y Ktanδ πD
Z Z
   
   
  
 (55) 
Where ( ) -xy x =e -1+x  and tan ' 2
q
'
N =e tan 45
2
   + 
 
 
Such that “e” represents external values whiles “i” represents internal values. Z may be computed as 
D/4Ktanδ 
2.2.2.2 Load-Deformation Characteristics of Suction Caissons 
For shallow foundations, the vertical stiffness of the foundation is calculated using one of the methods 
provided in Table 2.5. It is reminded that these are the “static” and “elastic” functions. For dynamic 
applications such as earthquakes, dynamic stiffness values should be used.  
Table 2.5: Vertical Stiffness of shallow foundations 
Shallow foundations 
Reference Applicability Vertical stiffness 
(Gazetas, 
1991) 
For shallow embedded 
foundations in 
homogeneous ground 
profiles 
( )
2
3
s C C C
v
s C C
2.01G D L L
k = 1.02+0.1 1+0.51
1-υ D D
 
    
    
    
 
 
(Wolf & 
Deeks, 2004) 
For shallow embedded 
foundations in 
homogenous ground 
profiles 
( )
s C C
v
s C
2G D L
k = 1+1.08
1-υ D
 
 
 
 
(Doherty, et 
al., 2005) 
For shallow caissons in 
homogenous, 
Solution for vertical stiffness of caissons provided 
in tabular format and is dependent on relative soil 
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parabolic, and linear 
ground profiles 
to pile stiffness, embedment ratio, and ground 
profile stiffness variation with depth. 
(Skau, et al., 
2019) 
For flexible shallow 
suction caissons. 
Dependent on finite 
element soil model for 
the extraction of the 
macro-element model 
Adjusted the macro-element model provided in  
Skau, et al., (2018) (which assumes rigid behaviour) 
where the bending of the caisson lid in the vertical 
direction inherently reduces the stiffness of the 
foundation in addition to changing the volume of 
the soil plug, i.e. changing the stress state of the 
soil which also reduces the stiffness. This has also 
been observed by site measurements shown in 
Shonberg (2017). 
Note: For multi-layered ground profiles, a reasonable preliminary estimate may be computed as  
n
s,avg i i
i=1P
1
E = E h
L
  where Ei and hi are the stiffness and depth of each layer. 
2.3 Foundations Under Combined Loads: 
The formulations provide in Section 2.1 and 2.2 provide simplified methods to calculate the capacity 
under combined horizontal, vertical, and moment loads. However, as shown, these methods tend to 
have numerous assumptions about the resistance and it is recommended that advanced finite 
element packages or scaled centrifuge tests provide more accurate interaction curves for the 
resistance. In pile foundations for example, using numerical models in sands, Abdel-Rahman & 
Achmus (2006) studied the behaviour of vertical piles in sand under “inclined” compression and tensile 
loading (which is representative of a combination of horizontal and vertical loads). The study 
concluded that the pile capacity and stiffness in the vertical direction was increased due to the 
presence of a horizontal load (which was attributed due to the increased confinement). Similarly, the 
horizontal stiffness and capacity was also not altered by the interaction. Hazzar, et al., (2017a) and 
Hazzar, et al., (2017b) also performed numerical analysis for piles in homogenous and layered soils. 
The study also showed that the lateral capacity of piles was not reduced in sands but noticeably 
reduced in clays due to the presence of the vertical loads possibly due to the increased pore water 
pressure (which reduces the effective stress). This is consistent with the findings of Karthigeyan, et al., 
(2007) which also reported a decrease in the strength in clayey soils. Judging from the above, it may 
be assumed that when analysing the foundations in sands, the lateral and vertical capacity are 
analysed separately. In clays, special considerations must be where further advanced analysis has to 
be carried out. 
In caisson foundations, numerous publications propose interaction curves based on FEA. Clearly, these 
curves are dependent on the failure criterion (usually selected as Mohr-Coulomb for simplicity), and 
modelling assumptions of the authors. Most of these envelopes are based on two methods; the probe 
tests and side-swipe test: 
• Probe test: Sometimes termed as the fixed displacement method. A single point on the failure 
envelope is obtained for every fixed ratio of a combined displacement. Effectively, the 
interaction curve is obtained through a number of FEAs with different displacement ratios. This 
continues until no further increase is developed in each intended Degree of Freedom. More 
information can be found in Bransby & Randolph (1998). Though this method is time 
consuming, it provides an accurate description of the “yield locus”. 
• Side-Swipe: Initially developed by Tan (1990) for centrifuge tests, it involves giving a 
displacement in one direction until failure is reached, then a second displacement probe is 
implemented during which the displacement increment in the direction in the previous probe is 
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set to zero. Hence, the swipe test tracks the load path which is similar to the yield locus. The 
advantage of this method over the probe test is it requires only a couple of analysis which comes 
at the expense of a slight loss of accuracy. 
For instance, using the side-swipe method, Hung & Sung (2012) and Mehravar, et al., (2016) developed 
V-H and V-M interaction curves in clays. Vulpe, et al., (2016) used multiple probe tests and curve fitting 
to obtain the combined VHM criterion in soft clays. Achmus, et al., (2013) also used displacement 
probes to produce VHM failure criterions for caissons in sands. One important aspect is to note the 
point of application of the displacement probe in each of the literature sources mentioned above. As 
shown in Section 2.1.1.1, the combined horizontal and moment capacity is heavily dependent on the 
point of rotation of the foundation, and a different point of rotation results in a different combination 
of M and H to be applied. For a combination of horizontal and tensile loading (which is the most critical 
ULS loading case as will be shown in this thesis), the envelope holding capacity of the caisson may be 
computed following Supachawarote, et al., (2004) and Randolph & Gourvenec (2011): 
a b
U U
R R
H V
+ 1
H V
   
   
   
         (56) 
Where C
C
L
a=0.5+
D
 and    C
C
L
b=4.5+
3D
 
An alternative formulation by Senders & Kay (2002) replaces a and b with k=3. 
2.4 Dynamic Soil-Structure Interaction for Offshore Wind Turbines 
The previous sections discuss how to assess the performance of typical OWT foundations under the 
ultimate limit state. This section focuses on the SSI under cyclic loads, which in literature is studied by 
scaled model tests or element tests. Two complex interlinked phenomenon have been noted from 
these tests which are: 
• Change in the natural frequency due to cyclic loads (applicable to both monopile and jacket 
foundations). 
• Accumulation of long term tilt due to cyclic loads (applicable to monopiles). 
Scaled model tests usually follow similitude relationships in order to obtain the dimensions of the 
foundations, structure, and the mass of the OWT system. It must be stated however, the results from 
these tests must be used to observe useful trends rather obtain a “best fit” equation for design. Careful 
inspection of the tests must be done prior to directly utilizing the conclusions for specific cases.  
2.4.1 Shift in Natural Frequency 
The natural frequency of the structure is one of the most important design parameters in offshore 
wind turbines. To avoid resonance in the deformation which ultimately leads to fatigue, the natural 
frequency should be placed away from the forcing frequencies of wind, wave, 1P, and 3P. The natural 
frequency is mainly dependent on the stiffness and mass of the system, and any change in the stiffness 
will lead to a change in the natural frequency. A shift in the design natural frequency will cause it to 
resonate with one of the forcing frequencies. It is well established in literature that cyclic loads 
influence the soil stiffness and thus will have an effect of the frequency. The loads and forcing 
frequencies will be expressed in details in subsequent sections of this literature review. 
Bhattacharya, et al., (2011) used scaled model tests on monopiles and mono-caissons, applying cyclic 
loads using an actuator. The change in natural frequency after a certain number of cycles was recorded 
for dry sand, saturated sand, and soft clay at different loading amplitudes. The results showed that for 
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both monopiles and mono-caissons, the natural frequency increased in both dry and saturated sands 
with increasing number of cycles independent of the loading amplitude. For mono-caissons in dry 
sands there was a slight decrease at the end (after 1million loading cycles) but still higher than 
frequency at the beginning of the test. This increase was attributed due to the stiffening effect in 
sands. In soft clays, the natural frequency did not change for low amplitudes of strain (low loading 
amplitudes), however experienced a sharp decrease in the frequency at higher amplitudes which was 
explained due to the higher accumulation of pore water pressure which degraded the stiffness of the 
soil and ultimately reduced the natural frequency. Similar tests in clay in Lombardi, et al., (2013) also 
showed a reduction of the natural frequency in clay which is dependent on the level of strain on the 
soil. Yu, et al., (2015) performed similar tests to the previous two in dry sand, the difference was in 
the mechanism of the load application where gears were mounted on the tower to simulate the 
misalignment between win and wave loads. As previously shown, the natural frequency increases then 
stabilizes then slightly decreases, also the higher the strain on the soil the higher the stiffening effect 
which increased the natural frequency.  
For turbines on multiple foundations, Bhattacharya, et al., (2013) reported another set of scaled model 
tests on symmetric tripods and tetrapods as well an asymmetric tripod arrangement. In addition to 
confirming the shift of the natural frequency in sands after a number of loading cycles, a discussion is 
also provided on the effect of foundation arrangement and the variation of soil stiffness below each 
foundation where 2 closely spaced natural frequencies have been observed even for symmetric 
arrangements. The dominant frequencies have been recorded directly after installation, after 40,000 
cycles, and after 400,000 cycles, as shown from the power spectra shown in Figure 2.13. What can be 
deduced from the Figure, is that primarily, 2 peaks are observed and a distant third peak. The third 
peak is analogous to the second peak in the monopile case and is representative of the second mode 
of the tower. However, after 40,000 and 400,000 cycles, the 2 peaks converge into a single peak, see 
Figure 2.13. The conversion into a single peak occurs because the soil stiffness below each foundation 
unifies which means vibrations across different axes will be identical. This will be further explained in 
Chapter 5. It is reminded that the tests have been performed on uniform soil. 
 
Figure 2.13: Snapback tests for symmetric arrangement after (Bhattacharya, et al., 2013) 
Results for asymmetric tripods for up to 1,600,000 cycles are shown in the Figure 2.13. One may note 
that 2 peaks are maintained throughout the tests and no convergence into a single peak occurs. There 
are however some shifts in the first and second frequencies due to the stiffening of the sand. The ratio 
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of the two peaks f0,2/f0,1 is in the range of 1.2-1.5 depending on the loading cycle, see Figure 2.14 for a 
schematic on the forcing and natural frequencies. Explanations of why and when such occurrences 
occur will be shown in detail in Chapter 5. The change in soil stiffness can be easily observed in element 
tests using the simple cyclic simple shear apparatus shown in Nikitas, et al., (2017) where strain levels 
experienced in OWT applications have been applied. It is shown that in sands, the shear modulus 
increases with increasing number of cycles then stabilizes which is why the 2 peaks in the symmetric 
foundation tests merged into a single peak.  This is similar to the observations provided in Dreinvich, 
et al., (1967) where resonant column test were applied on dry sands. The results show that at higher 
amplitude strain levels, the stiffness of the sand increased with increased number of cycles and that 
the higher the confining pressure the higher increase in the tangent modulus which explains the 
increase of the natural frequency of the scaled tests in sands.  
 
 
Figure 2.14: Snapback tests for asymmetric tripods (Bhattacharya, et al., 2013) 
It is noted that the y-axis is slightly different between Figures 2.13 and 2.14, this is because the data 
has been plotted from raw results of previous experimentation prior to the commencement of this 
PhD. What is important is the presence of the peaks rather than the value of the peaks.  
Implications on Design 
From a design perspective, it would prove more difficult to fit two adjacent natural frequencies rather 
than one in the tight frequency band, which makes jackets supported on asymmetric foundations 
more prone to early fatigue damage due to resonance , see Figure 2.15 (this will be further elaborated 
on in the loads section of the literature review). One way to counteract this is to have a very high 
foundation vertical stiffness such that the system acts like a fixed base cantilever and so ensuring a 
steady single peak, however this will come at a high material cost and impose higher fatigue damage 
on the jacket top braces. On the other hand, a very low foundation stiffness will increase the jacket 
fatigue damage on the bottom legs. 
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Figure 2.15: Schematic of forcing and natural frequencies (Bhattacharya, et al., 2013) 
Dynamic Properties of Soil 
It is of interest at this stage to remind the readers of the dynamic properties of soils due to the cyclic 
and dynamic nature of the loads. The dynamic response of soils has been defined by the shear stress 
vs shear strain relationship. The equilibrium stress state of a typical soil element in a horizontal layer 
is represented through the horizontal and vertical normal effective stress σ’h and σ’v. During cyclic 
actions, a shear stress τ is added on the horizontal face of the element which results in a super imposed 
shear stress τ and a shear strain γc. Numerous studies have been performed to understand this 
phenomena and the results point towards a degradation of soil stiffness under cycling, hence the cyclic 
deformations are higher than monotonic ones. The main loading parameters affecting the results are 
the level of shear strain and the number of loading cycles. Other factors such as soil type, saturation, 
degree of consolidation, and confining pressure may also affect degradation.  
In all cases, a higher shear strain γc leads to an increased degradation in stiffness which is typically 
represented by Gsec/Gmax vs γc curves, see Figure 2.16. At very low strains, the response of soils remains 
linearly elastic, whereas at intermediate strains slight changes in micro-structure occurs causing non-
linearity, however the soil maintains the elastic state. At very high strains, the soil is non-linear and 
inelastic. The strain at which this happens is defined as γtv (volumetric threshold shear strain, which is 
related to change in volume). γtv values reported in literature vary from 0.01% to 0.1% for clays in 
undrained conditions (Vucetic, 1994). 
 
Figure 2.16: Stiffness degradation curves obtained from SAGE Lab (University of Surrey) 
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Vucetic (1994) concluded that the main parameter influencing degradation in clays is the plasticity 
index PI. Soils with higher PI had a lower degradation and hence they require larger cyclic strain to 
weaken the soil. The Over-Consolidation (OCR) did not have a major effect on the degradation 
(Koutsoftas & Fisher, 1980) (Kokusho, et al., 1982). The confining pressure was also reported not to 
have a major effect as shown in (Kim & Novak, 1981) (Ishihara, 1996). 
Cohesionless soils 
For non-plastic fully saturated cohesionless soils in undrained conditions, the main parameter 
affecting the degradation is the confining pressure (Seed, et al., 1986) (Kokusho, 1980). A higher 
confining pressure leads to a lower degradation. The relative density did not play a major role in 
stiffness degradation. The results can be simplified by the Mohr Coulomb failure criteria where τ=c+ 
σ’tan ϕ’. For sands, c=0 and the value of σ’ is the confining pressure, which means it has a major effect 
on the shear strength. For clays, the shear strength is almost fully dependent on cohesion, hence the 
PI is the main parameter in evaluating shear resistance of clays.  
In the absence of sophisticated modelling tools, an appropriate stiffness may be obtained from these 
curves and used as the linear elastic stiffness required in dynamic calculations. To obtain the 
appropriate strain level, a simple static analysis could be performed (using p-y analysis for example) 
with the appropriate applied load and from the strain level in the “springs”, the preliminary soil 
stiffness estimate can be obtained.  
2.4.2 Long-Term Tilt 
Current offshore wind turbines have to be designed to resist certain levels of deformation such as: 
• The initial tilt of the monopile due to installation has to be within the allowed limit (current 
limit is 0.25°). 
• The accumulated tilt due to millions of loading cycles during the lifetime of the turbine has to 
be within the allowed limit (current limit is 0.25°). Alternatively, the total tilt i.e. initial + 
accumulated at the nacelle level is limited (current limit is 0.5°). 
• The initial deflection at the monopile head (mudline/seabed level) has to be within the allowed 
limit (e.g. 0.1m). 
• The accumulated deflection at the monopile head (mudline/seabed level) has to be within the 
allowed limit (e.g. 0.1m). Alternatively, the total pile deflection at mudline (initial + 
accumulated) is limited (e.g. 0.2m). 
If these limits are exceeded, the warranty from turbine manufacturers might be lost leading to possible 
financial implications for windfarm developers. Therefore, reliable methods to estimate long term tilt 
are essential for cost effective solutions. Long term tilt occurs due to an accumulation of plastic strains 
beyond the primary initial deformation. As shown in Figure 2.17 , the wind turbine initially tilts due to 
the applied cyclic load, and then progressively continues tilting even though the magnitude and 
frequency of the applied load did not change.  As discussed in Section 2.1.2.2, current design standards 
do not have a comprehensive method to predict rotation accumulation due to cyclic loading. Instead, 
they present methods to adjust p-y curves by reducing the soil stiffness in order to incorporate the 
effect of cyclic loading, however these methods are calibrated against slender- small diameter piles 
for low number of loading cycles, which does not present an accurate idealization of current 
monopiles supporting OWTs. Thus, to this date, there is no “standard” way of predicting long term tilt 
of monopiles and in current literature there are still some differences in the reported results. Scaled 
model tests have been carried out in the last decade for establishing methodologies for the 
assessment of the long-term performance (deflection and tilting) for monopiles. The main parameters 
affecting tilt are the ratio of Mmin/Mmax and Mmax/MR. MR is the ultimate moment capacity of the pile 
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considering soil failure and strictly not the failure of the pile through buckling or yielding and has been 
previously discussed in Section 2.1.2. Mmin and Mmax are the minimum and maximum mudline bending 
moments in a loading cycle. These moments can be clearly seen in the schematic representation in 
Figure 2.18  of mudline bending moment acting on a monopile which is a superposition of wind and 
the wave loading.  The terms “one-way” and “two-way” loads are common in literature regarding this 
topic. One-way loads are when Mmin/Mmax>0 and two-way loads occur when Mmin/Mmax<0. Whether 
the load is one-way or two way is dependent on many aspects but most importantly the hub height, 
turbine size, water depth, and wave conditions.  
 
 
Figure 2.17: Schematic of long term tilt 
 
 
Figure 2.18: Simplified time-history of mudline bending moments due to wind and wave loads 
 
There are numerous research items on the effect of cyclic loads on monopiles, through full-scale tests, 
scaled model tests, element testing, and finite element methods. As the mechanism of this 
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phenomenon is complex, disagreements in results are evident in literature and a research gap has 
been identified in order to assist in the design and interpretation of the results. 
Full Scale Tests 
Long & Vanneste (1994) performed 34 full-scale lateral load test in sands and studied the effect of 
load ratio (Mmin/Mmax), installation parameter, and the effect of soil density on the modulus of 
reaction, which is a measure of how much a pile deforms under cyclic loads. The study also spanned 
across different pile sizes covering both rigid piles and flexible piles. Based on the test results, 
degradation factors for calculating soil resistance where derived which can finally be used to produce 
adjusted non-linear p-y curves as shown in Eq.57-58. 
-0.4t
N 1p =p ×N         (57) 
0.6t
N 1y =y ×N         (58) 
 where N is the number of loading cycles and t is the degradation parameter as shown in Eq. 59. 
L I Dt=0.17×F ×F×F        (59) 
where FL is dependent on the cyclic load ratio, FI is dependent on the installation method (ranges from 
0.9-1.4) and FD  is dependent on the soil density (ranges from 0.8-1.1). 
 The value of FL was recommended to be 1.0 for one-way loading (Mmin/Mmax=0) and 0.2 for two-way 
loading (Mmin/Mmax=-1). Hence, it may be concluded that the main degradation parameter is the load 
ratio where one-way loading results in a higher degradation factor than two-way loading. It is 
important however to mention that these tests were performed up to 50 loading cycles which is 
significantly smaller than the number of cycles experienced by a typical OWT.  
Similarly, Lin & Liao (1999) derived degradation parameters from 26-full scale tests for both slender 
and rigid piles. The degradation parameter is dependent on the load ratio, installation method, and 
soil density. The logarithmic strain accumulation can be computed using Eq.60-61 
( )( )N 1ε =ε × 1+t ln N        (60) 
where the degradation parameter t is calculated using Eq.20 
h
5P L I D
p P
n
t=0.032×L × ×F ×F ×F
E I
     (61) 
where nh is the coefficient of subgrade reaction of the ground and EPIP is the stiffness of the pile 
The load ratio degradation parameter FL for one-way loading (Mmin/Mmax=0), given to be 1.0, was also 
higher than that for symmetric two-way loading (Mmin/Mmax=-1), given to be 0.09. The number of 
cycles was 50 and the authors stated that caution should be exercised in applying the reduction 
parameter for applications with more than 50 cycles. 
Scaled Model Tests 
Recently, scaled model tests have been common practice to study the response of monopiles under 
larger number of loading cycles. The effect of load ratio (Mmin/Mmax) at a single or multiple directions 
has been previously addressed in literature. For instance, Leblanc, et al., (2010) performed scaled 
model tests on rigid piles in dry sands of different relative densities. The tests were performed up to 
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60,000 cycles and under one-way and two-way loads. Based on the results, formulations were 
provided to predict long term rotation accumulation taking into account scaling between the tests and 
prototypes as shown in Eq.62.  
0.31N 1
b C
S
θ -θ
=T ×T ×N
θ
       (62) 
where Tb is a factor dependent on the intensity of the load (Mmax/MR) and the relative density, and Tc 
is a factor that depends on the load direction (Mmin/Mmax).  It was then concluded that two-way loads 
(of about Mmin/Mmax=-0.6), resulted in higher rotation accumulation of the pile head. Rudolph, et al., 
(2014) studied the effect of multi-directionality under one-way loads in centrifuge tests in sand. The 
study concluded that multi-directional one-way loads increased the accumulation of displacements. 
Nanda, et al., (2017) performed scaled model tests for monopiles in sand for loading up to 1000 cycles. 
The experimental setup contained a gearbox that changed the directionality (changing the load 
application angle) of both one-way and two-way cyclic loads. The results showed that both multi-
directional as well as uni-directional one-way cyclic loads produced a higher horizontal displacement 
of the monopile head. It is also important to note that multi-directional loads in both cases resulted 
in higher horizontal deformations. 
Design Standards and FEA 
From a design point of view, API and DNV codes recommended introducing reduction factors to p-y 
curves recommended. However, these formulations do not take into account the number of loading 
cycles and the loading ratio. Moreover, these formulations are empirical and are based on a limited 
number of tests performed on slender flexible piles. Based on cyclic triaxial tests and Finite Element 
Modelling, Achmus, et al., (2009) presented a method to estimate long term tilt and presented design 
charts as a function of loading cycles. However, the analysis seems to focus on one-way loading. There 
are also recent efforts to modify p-y curves to incorporate the number of loading cycles such as the 
work by Erbrich, et al., (2010).  
Judging from the above, it is evident that there is a disagreement in literature on whether one-way or 
two-way loading is more detrimental to long term tilt. The difference in results might be due to 
multiple reasons which include the size and scale of each test, number of loading cycles, the rate 
(frequency) of loading, the amplitude (intensity) of loading, the installation method, and the total time 
of each test. Furthermore, the model testing setup are either extremely one-way or two-way whereas 
in reality loading scenarios are a range as will be shown in the loading section of this thesis. 
There are no indications of long term tilt occurring in jacket type foundations. Possible reasons might 
be that the designs are sometimes strength controlled rather than stiffness controlled or that jacket 
installations are recent and the differential settlement in the piles did not occur yet.  
2.5 Brief Overview of Finite Element Analysis 
Previous mention in this text has been made to Finite Element Analysis and it is important to get a 
brief overview of the soil material models that are typically used in OWT foundations. PLAXIS 3D has 
been the software package used in this thesis due to the numerous built in soil material models which 
can be used to verify the analysis. PLAXIS also allows the user to have different material models in the 
soil mass and the interface between the structure and materials, and thus allowing for slipping and 
gapping between the soil and the structure. The software also implements “initial” conditions of the 
stress state of the soil, and do not need to be manually applied prior to the analysis. Table 2.6 provides 
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a summary of the soil models typically used. The list does not include all the models available in 
literature such as the Cam-Clay model and the Hoek-Brown model for chalk  
 
 
Table 2.6: Summary of soil models  
Material 
Model 
Description Benefits Shortcomings 
Linear 
Elastic 
Hooke’s law of Elasticity 
can be used to model soils 
at very small strains. 
Usually used to model 
structural materials 
embedded in soils 
• Only requires two 
input parameters Es 
and υs 
• Very fast to solve 
• Not suitable for most 
soils 
• Does not include plastic 
straining/failure 
Mohr-
Coulomb 
Linearly Elastic Perfectly 
Plastic. The stiffness of 
each defined soil layer can 
be set as constant or 
linearly increasing with 
depth. Most common and 
understood soil model in 
industry, usually used for 
primary estimation 
• Requires the input of 4 
parameters which can 
be easily obtained by a 
standard triaxial test at 
a reasonable cost Es, 
υs, ϕ’, c 
•  Relatively faster than 
more advanced soil 
models (due to 
constant stiffness 
values) 
• Realistic soils usually 
behave non-linearly 
• Does not incorporate 
stress dependency of 
stiffness 
• Loading and unloading 
stiffness is the same 
• Not ideal for cyclic 
loading 
Hardening 
Model 
This is a hyperbolic model 
where the stiffness of the 
soil is dependent upon the 
stress level (stiffness 
increases with increasing 
pressure). In addition, the 
yield surface is not fixed 
but expands due to plastic 
straining. The user must 
also define an unloading 
stiffness. 
• More realistic stress-
strain relationship 
• More accurate 
stiffness definition  
(stress level 
dependent and stress 
path dependent) 
• Yield surface expands 
with plastic straining 
• Can be used for short 
term cyclic loads at 
small strains 
• Requires more input 
parameters for strength 
and stiffness E50, Eoed 
Eur,m, ϕ’, c. This 
requires triaxial and 
odometer testing as well, 
and possibly resonance 
column. This can prove 
more costly 
• The solving time is 
much higher than 
previous model due to  
stress dependency of 
stiffness, more iterations 
are required 
• Does not incorporate 
strain dependency of 
stiffness (softening due 
to cyclic loading) 
Hardening 
model with 
Similar to Hardening 
Model but incorporates 
softening due to cyclic 
• Better representation 
of cyclic response at 
higher strains 
• Requires additional 
input parameters γ0.7 and 
G0.7, which are the 
reference values at small 
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small strain 
stiffness 
loads. The strain level 
dependency is defined 
through the use of a user 
defined Gsec/Gmax vs γc 
curve, and formation of 
hysteresis loops 
• The hysteresis 
behaviour leads to 
damping which 
depend on the applied 
loads and strain 
amplitudes 
strains. This requires 
additional tests such as 
cyclic triaxial or 
resonant column tests 
• Does not incorporate 
accumulation or 
irreversible strains or 
liquefaction 
Kinematic 
Hardening 
Model 
Feature on ANSYS that can 
model plastic strains with 
increased number of 
cycles. It is an alteration of 
the hardening law where 
the yield surface “shifts” 
under stress-controlled 
cycles  
• Currently one of the 
few options available 
to model long term tilt 
(PLAXIS 3D is not the 
best option see  below) 
 
• Takes very long times to 
run even for a few 
number of cycles  
• Does not model 
softening with number 
of cycles (not suitable 
for clay) 
 
With reference to the discussion on long term tilt in Section 2.4.2, it is important to mention that while 
the above material models can be very powerful tools, they can only predict the stiffness/tilt for the 
first few cycles of loading. These models do not have the capability to generate accumulation of strains 
with increased loading cycles, nor is it able to generate pore pressures for undrained soils under cyclic 
behaviour. This means that these models cannot predict the densifying of sands, degradation of clays, 
and the long term tilt of the pile under millions of loading cycles. Other empirical methods have to 
applied to adjust the stiffness and allow more deformation to occur such as the method proposed by 
Achmus, et al., (2009) or through using the kinematic hardening model such as shown in Lopez-Querol, 
et al., (2017).  
2.6 Loads on Offshore Wind Turbines 
This section describes the loads on OWTs. Figure 2.19 shows a schematic diagram of the main 
cyclic/dynamic loads acting on a wind turbine along with a simplified time-history. The main loads that 
cause overturning moment are: mean and turbulent component of wind loading, wave loading, 
loading due to rotor (1P) effects owing to mass and aerodynamic imbalances of the rotor, load due to 
blade passing (3P). Arany, et al., (2015) showed that wind and wave loads are dominant in terms of 
magnitude and would therefore have a higher contribution than the rotary forces of the blades. It is 
worth noting that most of the energy content in the wind turbulence is in the low frequency regions 
away from the Eigen-frequencies of the structure. On the other hand, wave loads are dynamic and 
thus the inertia effects and dynamic amplification must be taken into account. Simplified methods to 
calculate the dynamic amplification of wave loads and shown in subsequent chapters of this thesis. 
Deterministic load calculation methods developed by Arany, et al., (2015), Arany, et al., (2017), and 
Arany & Bhattacharya (2018) based on statistical variations of wind and waves described in the IEC 
61400 and DNGL-ST-0437 codes can be used to get a preliminary understanding of the loading profiles. 
The next sections provide an overview of the load cases considered and wind/wave load calculation 
methods. In reality, one must carry out complex operations using aero-servo-elastic simulations which 
require much more complex formulations and input such as accurate drag and inertia coefficients, site 
specific wind and wave readings, probability distribution models which best suit a given site, and 
accurate tower and blade geometry. For example, considering Figure 2.20, one could see the outcome 
of a detailed analysis and as shown in the figures, the variance in the wind loading contains variations 
with various frequencies (or time periods), however, the largest variations have a period in the 1-3 
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minutes range. In this thesis however, the simplified time-histories will be used for the simplified 
design of jackets. 
 
 
Figure 2.19: Simplified time history of actions on OWTs 
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Figure 2.20: Wind speed, Thrust Force, Mudline Bending moment from aero-servo-hydro-elastic analysis 
2.6.1 Load Cases 
Numerous load cases are provided in the DNV as well as the IEC codes for the design of offshore wind 
turbines to serve a service life of 25-30 years, however only a few are relevant to foundation design. 
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Several load cases are derived from those provided in (DNVGL-ST-0437, 2016) for this study, and are 
shown in Table 2.7. 
Table 2.7: Summary of load scenarios 
Name Wind Model Wave Model 
Normal Operational Conditions 
Normal Turbulence Model 
(NTM) at the rated wind speed 
(UR) 
1-Year Extreme Sea State 
(ESS) 
Extreme Wave Load Scenario 
Extreme Turbulence Model 
(ETM) at the rated wind speed 
(UR) 
50-Year Extreme Wave Height 
(EWH) 
Extreme Wind Load Scenario 
Extreme Operating Gust (EOG) 
at the rated wind speed (UR) 
1-Year Extreme Wave Height 
(EWH) 
 
The wave conditions are considered independent of the wind conditions. However, in reality this is 
not necessarily a true reflection of the problem as storms typically bring high waves and high winds at 
the same time. It may be noted that this assumption is conservative as the maximum thrust force on 
the rotor does not correspond to the highest wind speeds but those close to the rated wind speed 
(Arany, et al., 2017). Moreover, the loads are may not be collinear, where the misalignment between 
wind and waves might vary up to 900 (Siedel, 2010). This misalignment between wind and wave loads 
will be taken into account when computing the maximum tension and compression forces acting on 
the piles/suction caissons.  
The wind loads are generally assumed to be quasi-static, hence they are formed of a mean wind speed 
and a turbulent (deviated) component as shown in Eq.63 where 𝑈 is the mean wind speed and u is 
the turbulent component. These values depend on the probability distribution and are related to wind 
models shown in Table 2.7 and further expressed in Table 2.8. 
__
U= U +u         (63) 
Table 2.8: Description of wind and wave load models 
Wind Models 
Normal Turbulence Model (NTM) 
The mean wind speed 𝑈  is UR which leads to the highest thrust 
force at hub level. The turbulent component u is modelled by 
the NTM standard deviation of wind speed as defined in the 
(IEC-61400, 2017) code.  
Extreme Turbulence Model (ETM) 
The mean wind speed 𝑈  is UR which leads to the highest thrust 
force at hub level. The turbulent component u is modelled by 
the ETM standard deviation of wind speed as defined in the 
(DNVGL-ST-0437, 2016). This results in a high value for the 
turbulent component of the wind speed, which results in a 
higher value for the maximum thrust force.  
Extreme Operating Gust (EOG) 
A gust is a sudden change in the wind speed over a certain 
period of time. Modern wind turbines have the ability to shut 
down at high wind speeds and thus relieving the loads. 
However, for a conservative estimate, the mean wind speed 𝑈  
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is UR and the turbulent component u is chosen based on the 
operating gust speed formulation of IEC 
Wave Models 
1-Year Extreme Sea States (ESS) 
The wave height used in computing the wave loads is the 1-
year significant wave height HS,1 
1-Year Extreme Wave Height 
(EWH) 
The wave height used in computing the wave loads is the 1-
year extreme wave height Hm,1 
50-Year Extreme Wave Height 
(EWH) 
The wave height used in computing the wave loads is the 50-
year extreme wave height Hm,50 
With reference to Table 2.8 the significant wave height HS is the average of the highest 1/3 of all waves 
during a specific frame of time defined by codes (usually taken as the 3-hour sea state). The maximum 
wave height Hm is the highest peak in that time frame. Details on how the deterministic wind and wave 
loads are computed using the probabilistic distributions of the models shown in Table 2.7 and Table 
2.8 are discussed in the Chapter 7 of this thesis. The subsequent sections describe the basic 
deterministic equations for wind and wave loads.  
2.6.2 Wind Loads (General Solution) 
The thrust force on a wind turbine can be estimated using Eq.64                   
2
a R T
1
Th = ρ A C U
2
        (64) 
Where AR is the swept area of the rotor, CT is the thrust coefficient, ρa is the density of air, and U is the 
wind speed. As shown in Eq.63, the wind speed can be replaced with a quasi-static formulation, 
moreover, the load cases employed in this study consider the mean wind speed equal to the rated 
wind speed UR , and hence Eq.64 may be written as  
( )
2
a R T R
1
Th = ρ A C U +u
2
        (65) 
At the rated wind speed the thrust coefficient CT (assuming the power is constant): 
( )R
T 2
R
3.5 2U +3.5
C =
U
  Where the speeds are expressed in m/s     (66) 
The only variable remaining to estimate the thrust force is the turbulent component of the wind speed 
u which depends on the wind model shown in  Table 8 are described in Chapter 7. 
2.6.3 Wave Loads (General Solution) 
In order to compute the wave load, the wave particle motion should be predicted. The main theories 
that are applied in practice are:  
• Linear Airy wave theory  
• Stokes wave theory 
• Cnoidal wave theory  
The selection of the wave theory is dependent on the met-ocean conditions such as water depth, wave 
length, and wave height. For instance, linear wave theory is best suited for waters of low wave height 
in comparison to wave length. Stokes equation is valid for instances where the relative water depth 
(water depth/wave length) is greater than 0.1. For shallower waters, Cnoidal theory is generally 
reported to be more satisfactory. Dawson  (1983) provided conditions where Linear theory can be 
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used within errors of no more than 10%, see Figure 2.21. What the figure also shows is that in deeper 
waters, linear theory is satisfactory for preliminary estimates of wave particle velocity and 
acceleration. There are also recommendation charts provided in the (API-RP2A-WSD, 2014) code 
which also takes into account the wave period. From that chart, it is also evident that the suitability 
of Airy equations increases with increasing water depths. The approach that was taken in this thesis 
was to use linear waves with one frequency. The wave height and frequency is dependent on the load 
case under consideration. For example, for Extreme Wave Load scenarios, the 50-year significant wave 
height with its peak period is used to generate the linear waves. There are numerous formulations 
from the DNV standards which provide relationships between wave heights and periods in the 
absence of site-specific data. Further information about the wave heights and periods to use are 
summarized in Section 2.6.1. This thesis does not consider hydrodynamic loads, springing and ringing 
effects due to the added complexity and the main theme is to obtain simplified methods 
 
Figure 2.21: Range of validity of linear theory, redrawn from (Dawson , 1983) 
Linear wave theory assumes a sinusoidal wave as shown in Figure 2.22. H is representative of the 
wave height, L of the wave length, S of the water depth, and η is the surface elevation 
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Figure 2.22: Linear Sinusoidal wave 
The surface elevation is given by Eq.67 
( )
H
η= cos kx-ωt
2
        (67) 
Where ω is the wave frequency which is obtained from the wave period T through the relation  
2π
ω=
T
          (68) 
And the wave number k is given by Eq.69  
( )2ω =gktanh kS         (69) 
The velocities of the wave particles in the horizontal and vertical directions for a given point (x,y) at a 
given instant of time (t) are given by Eq.70 and Eq.71 
( )
ωH cosh ky
u= cos kx-ωt
2 sinh kS
       (70) 
( )
ωH sinh ky
v= cos kx-ωt
2 sinh kS
       (71) 
Similarly the acceleration in the horizontal and vertical directions are given by Eq.72 and Eq.73 
( )
2
x
ω H cosh ky
a = sin kx-ωt
2 sinh kS
      (72) 
( )
2
y
ω H sinh ky
a =- cos kx-ωt
2 sinh kS
      (73) 
Morison’s equation (Morison, et al., 1950), is a method widely used in engineering practice to 
calculate the distributed wave load on a “unit” vertical cylindrical strip from the obtained accelerations 
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and velocities shown in Eqn.70-73. In other words, the is the force per unit length at a certain velocity 
and acceleration (which in turn are dependent on the location of the wave particle and time)  
2
wave D I w D w m x
1 1
f =f +f = ρ DC u u + ρ D C a
2 4
       (74) 
Where D is the diameter of the member, ρw is the density of water, CD and Cm are the drag and inertia 
coefficients respectively. The first term of the equation is generally known as the drag component and 
the second term as the inertia component. The drag and inertia coefficients depend on water velocity 
and are difficult to predict. The API code recommends values if 0.6 to 1 for CD and 1.5 to 2 for Cm. In 
this thesis, they are conservatively taken as 0.6 and 2 respectively. Design charts for the values of CD 
and Cm which are dependent on Reynold’s and Keulegan-Carpenter numbers may be found in Haritos 
(2007). These can be used if a more detailed analysis is required and the loads need to be reduced. 
Variations of the Morison equation for “battered” jacket legs is shown in Chapter 7.  
The total horizontal force exerted on the submerged length of the pile from -S to η (see Figure 2.22) 
may be computed using Eq.10 
( )
η η
wave D I
-S -S
F t = dF dz+ dFdz         (75) 
The moment is then computed by multiplying by the lever arm as shown in (Eq.76) 
( ) ( ) ( )
η η
wave D I
-S -S
M t = dF S+η dz+ dF S+η dz       (76) 
Judging from the above, all parameters depend on the wave height H and the period T. The values of 
these will be dictated by the wave model selected in Table 2.8 which will be described Chapter 7. It is 
also important to note that bulky members (that have a large volume) may influence the wave field 
around them and generate wave diffraction, i.e. the computation of the wave force shifts from the 
Morisons regime to the diffraction regime. This occurs when the diameter/wave length ratio exceeds 
0.2 (Haritos, 2007) . MacCamy & Fuchs (1954) evaluated this force by integrating the pressure 
distribution derived from the time derivative of the incident and diffracted wave potentials. Mogridge 
& Jamieson (1976) modified the Morison equation by proposing different values of the inertia 
coefficient and introducing a phase lag. The variation of the Inertia coefficient Cm and phase lag was 
dependent on the ratio of the diameter/wave length where charts have been provided. In this thesis, 
the typical Morisons equation will be used as the diameter of the structural jacket members will not 
be large. Diffraction theory can be applied to monopile foundations supporting offshore wind turbines 
as they have reached diameters in the order of 8m. 
2.6.4 Current Loads 
Ocean currents also impose drag forces on fixed offshore platforms. Currents are the constant flow of 
motion due to tidal action and wind drift. Tidal actions usually follow the one-eight power law whilst 
wind generated currents are governed by a linear law (Reddy & Swamidas, 2016).  
Distributed force due to a current loads may be computed using Eq.77 
current w D c c
1
f ρ DC u u
2
=        (77) 
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The water particle velocity distribution for currents can be taken as constant representing the sum of 
the tidal current, the storm surge, and the wind induced current. The wind induced component is 
taken as 1.6-3.3% of the mean wind speed as per the (DNVGL-ST-0437, 2016). The maximum 50-year 
current speeds are in the order of 1-5m/s and a conservative of 2m/s will be used in this thesis (Arany 
& Bhattacharya, 2018). During storm conditions both currents and waves will exist, however the wave 
induced particle velocities and the current velocities will not coincide but act as an angle. 
Nevertheless, for a conservative engineering analysis, both particle velocities can be assumed to act 
in the same direction. Moreover, the API code permits the algebraic summation of the wave and 
current particle velocities prior to the computation of the drag forces. The combined distributed load 
of the combined wave current action can be conveniently taken as  
2
current+wave w D c c w D n w m nx
1 1 1
f ρ DC u u ρ DC Vu + ρ D C a
2 2 4
= +  
2
current+wave w D c c n w m nx
1 1
f ρ DC u u Vu + ρ D C a
2 4
=  +      (78) 
2.6.5 Gravity Load 
The gravity (vertical loads) on the structure are the typical dead weights which include the mass of the 
Rotor-Nacelle-Assembly, the tower, the jacket structure, the foundation and other additional 
machinery or equipment installed on the structure. 
2.6.6 Buoyancy Load 
As offshore jackets are partially or fully submerged they are subjected to hydrostatic pressures due to 
the weight of the water above it and due to the movement of water around the members resulting 
from wave action. Kharade & Kapadiya (2014) and Nallayarasu (2009) describe two methods to 
calculate the upward buoyancy force 
• Marine Method 
• Rational Method 
The Marine method assumes the structural members are sealed by the welds and also considers them 
to have a rigid body movement. Hence, the effective weight of submerged jacket tubular (pipe) 
members is calculated using the submerged density of steel as shown in Eq.79. 
( )( )( )22 s w1W'= π D - D-2t ρ -ρ
4
      (79) 
It is noted that Eq.79 does not contain the distributed load of the system since there is no length 
variable. Therefore, it computes the distributed load of the structure. The direction of this load is 
vertically downwards regardless of the angle of the member itself.  
The rational method is more detailed and takes account of the pressure distribution of the fluid 
pressure acting on the surface of a body. Effectively, buoyancy force is a system of loads consisting of 
a distributed force along the member and concentrated force at the joints. This method is more suited 
for the detailed design of structural elements and is used in finite element software packages such as 
SAP2000. The magnitude of the distributed forces is calculated using Eqn.81 and the concentrated 
compression joint loads using Eq.80. 
2
w
1
W= πD ρ cos
4
         (80) 
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wC=ρ Ah          (81) 
Where A depends on whether the member is flooded or non-flooded. For flooded members, the steel 
material area is taken, whilst for non-flooded members the enclosed area is taken and h is the depth 
of water at the end of the member under consideration. In this thesis, the Marine method will be used 
due to its simplicity. The difference between the Marine method and the rational method is that the 
rational method has a “cos” term which means that the direction of loading is taken into account if 
the member is tilted such as a brace member. This distributed load is then concentrated at the ends 
as shown in Eq.81 
2.6.7 1P and 3P Loads 
1P loads are due to the mass imbalance and aerodynamic imbalance (differences in pitch in individual 
blades) of the rotor. Hence, the magnitude of this force depends on the extent of the imbalances. The 
mass imbalance can be modelled as a lumped mass on the rotor from blade I at R distance from the 
centre. Hence, the imbalance on blade I can be estimated as 
mI =mR          (82) 
The centrifugal forces can be computed from the centrifugal acceleration as shown in Eq.83 
2 2 2
cf mF  = ma = mRΩ =4π I f        (83) 
Usually, the turbine manufacturer provides the imbalance forces on the turbine, but Eq.82-83 may be 
used as a primary estimate in the absence of specific turbine data 
When a blade passes in front of the tower, it disturbs the flow downwind and decreases the load on 
the tower. The frequency of this load loss is 3 times the rotational frequency (3P). The magnitude of 
this load can be estimated using eq.84 
( )
H
3P a D T
H-L
F = ρ C D U dzz        (84) 
Where U(z) is the distribution of wind load with height and H-L is the covered part of the tower  
It is reminded that 1P and 3P loads are orders of magnitude lower than the wind and wave loads and 
an accurate representation of these loads is not necessary for concept designs of the structures. The 
magnitude and frequency of these structures becomes important when analysing the members and 
connections for fatigue. 
2.6.8 Forcing Frequencies  
As seen in Sections 2.6.1-2.6.7, numerous forcing periods (frequencies) are applied on the structure 
and a discussion was provided on the natural frequency in Section 2.4. These frequencies are best 
described on a frequency spectrum shown in Figure 2.23. Designers have to select a natural frequency 
which lies outside all of these frequencies to avoid resonance. This is desirable as it will simplify the 
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fatigue problem of the design and give higher confidence in the service life of the wind turbines. The 
three options available are: 
 
Figure 2.23: Frequency spectrum of the dynamic loads 
• Soft-Soft region: where the frequency is placed below 1P and which is very flexible and 
practically impossible to attain such a stiffness. 
• Soft-Stiff region: where the natural frequency is between 1P and 3P and is the most common 
practice in design. 
• Stiff-Stiff region: where the natural frequency is higher than 3P. This is impractical as it 
requires a very stiff structure. 
It is also of interest to see the shift of the soft-stiff region as wind turbines grow larger as shown 
in Figure 2.24. With increasing tower height and a heavier RNA (Rotor-Nacelle-Assembly) mass, 
the overall structure becomes more flexible and the target natural frequency for the so-called 
“soft-stiff” design shifts towards the wave frequency. For example, a typical 8 MW turbine will 
have a target frequency of 0.2 Hz which is very close to the predominant North Sea wave 
frequency of 0.1Hz. This is even more challenging for Chinese Wind Farm developments as the 
predominant wave frequency for Bohai Sea and the Yellow Sea is 0.2Hz. Consequently, an accurate 
prediction of the natural frequency early on in the project is essential and this will be tackled in 
detail in Chapters 5 and 6 of the thesis. Usually, it is easy to avoid the wind load frequency as it 
composes of a very high period, and ideally, the peak period (period causing the highest waves) 
has to be avoided to limit the fatigue damage caused by that.  
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Figure 2.24: Shift in the target natural frequency 
2.6.9 Dynamic Amplification Factor 
When the drag and inertia forces are computed, the structures are assumed to be static and no 
relative motion between the structure and surrounding wave loads are considered. In this thesis, 
dynamic effects are considered through the introduction of Dynamic Amplification Factors (DAF’s). 
The loads are amplified based on the proximity of their forcing frequency with the natural frequency 
as per Eq. 56 which is following the DNV-OS-J101 
2
2 2
0 0
1
DAF=
f f
1- + 2ζ
f f
    
         
      (85) 
ζ is the damping ratio relative to critical damping  
2.6.10 Oher Loads 
There a number of loads not considered in this study as it is concerned with the preliminary sizing. 
However, it is important for design engineers to check against the following 
• Installation procedure and transport 
• Accidental loads from ship collisions 
• Ice loadings (region specific) 
• Seismic loadings (region specific) 
2.7 Natural Frequency Estimation 
The natural frequency of monopile supported OWTs has also been discussed in literature. Work by 
Arany, et al., (2016) developed a closed form solution is for monopile supported wind turbine by 
considering the SSI and Transition Piece (TP) stiffness. The method developed can be easily coded in 
a spreadsheet type program and needs limited data about the wind turbine, ground condition, 
geometry of the jacket and the foundation. This work builds on previous research on monopile 
supported OWTs where the towers are modelled as Euler-Bernoulli Beams and supported on a set of 
independent springs which represent the foundations, see for example (Adhikari & Bhattacharya, 
2011) (Adhikari & Bhattacharya, 2012) (Arany, et al., 2016). Previous work by Arany, et al., (2015) 
compared the use of Timoshenko beam theory with Euler-Bernoulli beams and concluded the latter 
suffices with acceptable accuracy. The flexible natural frequency f0 can be computed as  
   
0 L R fbf = C C f          (86) 
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Where ffb is the “fixed-base” natural frequency of the structure (can be thought of as a cantilever beam 
with a lumped mass) and CL,CR are flexibility coefficients which take into account the additional 
flexibility provided by the foundations. CL and CR are dependent on KL,KR, and KLR discussed in Section 
2.1.1.2 and guidance is provided in Table 2.1. Effectively, the CL and CR can be thought of reduction 
factors (they are always <1) that lower the fixed base natural frequency due to soil-structure 
interaction. The fixed base natural frequency is computed as 
T T
fb
3T
RNA T
3E I1
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33M2π
M + L
140
 
 
 
      (87) 
Where ETIT is the tower bending stiffness, MRNA is the mass of the rotor-nacelle-assembly, MT is the 
mass of the tower, and LT is the length of the tower. CL and CR are computed according to Eq.88 
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Where ηL, ηLR, and ηR are the non-dimensional foundation stiffness (function of KL,KR, and KLR) 
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It is of interest to remind the readers of Section 2.4.1 where variations on soil stiffness played an 
important role on the natural frequency of the system. 
2.8 Other Design Considerations  
There are other design considerations that have not been extensively covered in this literature review. 
As they are also crucial to the overall size of the foundation and design, it is worth to provide a brief 
overview.  
• The thickness of monopiles and caissons have to be designed to resist buckling during 
installation and operation. Both the buckling forces (vertical, vertical, moment, and pressure 
loads) and the resistance need to be accurately predicted. The (DNV-RP-C202, 2013) provides 
guidance on the buckling strength of shells. Installation in particular poses numerous 
difficulties such as the risk of buckling of pile tip with very thin wall, large hammer 
requirements, and drilling requirement in the midst of driving (i.e. drill-drive-drill operation). 
These piles are hammered in dense sand or weathered bed rock, and several cases have been 
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reported in the offshore oil and gas industry where large steel piles have collapsed during 
driving due to the progression of lateral deformations (Bhattacharya et al., 2005), (Aldridge et 
al., 2005). 
• The installation method plays an important role on foundation selection and foundation size. 
The installation of caissons consists of allowing the caisson to sink under its own weight and 
then achieving full depth of penetration by pumping the trapped water out and also by creating 
a pressure difference. This method can arguably reduce noise pollution associated with 
installation. This is important to tackle some of the environmental issues such as noise pollution 
caused by pile driving harms the marine life. German authorities impose regulations on pile 
driving noise (160 dB at 750m distance) and it is expected to be adopted by other European 
nations in the near future (Müller and Zerbs, 2011). While measures may be adopted to limit 
noise pollution (such as the use of bubble curtains or sleeves), their success has been limited 
(Golightly, 2014). 
• Scour and Scour protection: The description of scour is uniform across literature and can be 
defined as sediment transport or the erosion of the sediment surrounding a structure which leads 
to lowering the seabed either locally, or spanning a large area around the structure (den Boon 
et al., 2004). This erosion can affect the structural stability of foundations and the entire system, 
thus current standards such as the DNV advice taking scour into design considerations. A first 
estimate of the scour hole is provided in the DNV as 1.3DP, there is however numerous literature 
discussing the validity of this equation. Matutano, et al., (2013) provides data from 10 monopile 
supported wind turbines in different windfarms, and compared the measured scour depth with 
the limiting value from DNV for a steady state current and concluded that the maximum 
measured scours were less than the estimated in most offshore wind farms. Only two displayed 
greater scour; one at Scroby Sands with S=1.66 DP and Otzumer balje INLET (trial test 
location) with 1.47DP. A similar study was done by (Whitehouse et al., 2011) and provided the 
same conclusions. It is also common to apply scour protection in the form of rock armour to 
limit scour and some guidance is available in literature to design scour protection. Very limited 
research has been done on scour on suction caissons. It is argued that the lid above the bucket 
foundations provides protection for soils inside (prevents it from being flushed away), and some 
scour occurs around the skirt. For scour around the skirt, some scaled tests in literature show 
that caisson foundations are less prone to scouring effects as compared to monopiles, see 
(Whitehouse, 2004), (Stroescu et al., 2016). 
• Fatigue design is an important step for both the jacket structure and supporting foundations 
which is due to the growth and propagation cracks under cyclic loading until failure occurs. 
The preliminary sections determined by the previous design steps can then be altered (usually 
through increasing the member’s thickness) in order to lower the cyclic stress ratio and increase 
the fatigue life of the structure. In detailed designs, the fatigue analysis is performed on both 
the joints and the members and select the minimum fatigue life. The fatigue damage is usually 
assessed through standard S-N curves combined with the application of the appropriate stress 
concentration factors (SCFs). Damping also plays an important role in fatigue analysis and 
assessing the cyclic stress ratios. Damping in OWTs is a complex phenomenon and has been 
discussed in Arany, et al., (2016). Damping is mainly attributed to structural damping, soil 
damping, hydrodynamic damping, and aerodynamic damping. In the design of the Upwind 
jacket, De Vries, et al., (2011) used 4.5% damping when the wind and waves are collinear and 
0.5% when wind and waves are misaligned at 450. In fatigue analysis, it is also useful to have 
a better assessment of the drag and inertia coefficients as discussed in Section 2.3.3. In OWT 
applications, the applied stress amplitudes imposed by the 1P,3P ,wind and wave loads (each 
of which have a variation of their own). Thus, the cumulative damage of these variations can 
be preliminary assed using the Palmgren-Miner rule. In this thesis, a simplified mudline stress 
distribution using the load cases provided in will be used. In reality, the cumulative fatigue 
damage due to other factors such as fabrication, transport, and installation should also be taken 
into account. The (DNV-RP-C203, 2011) provides S-N curves for element and joint fatigue as 
well as guidance on how to calculate the SCFs.  
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2.9 Simplified Design of Monopiles 
Using the information provided in the literature review above, Arany, et al., (2017) provided the steps 
for simplified design of monopiles in 10 steps using the least amount of input data and the through 
the use of simplified analysis methods. The authors also compared their method to the sizes of existing 
wind farm foundations and obtained a good match. The steps of the proposed design methods are: 
1 Establish design basis (ULS, FLS, and SLS) and collect input data (turbine, metocean, and 
geotechnical data). Some of the criteria might be project or country specific (Section 2.1) 
2 Guess initial pile dimensions based on wind load (Section 2.6.2) and pile yield criteria  
3 Use initial pile dimensions to calculate wave loads (Section 2.6.3) and update dimensions if 
necessary 
4 Check global and local stability and provide minimum pile wall thickness 
5 Estimate the moment and lateral geotechnical carrying capacity of the monopile (Section 2.2.1) 
6 Calculate the foundation stiffness parameters (KL,KR, and KLR) and estimate the mudline 
deformations (Section 2.2.1) 
7 Calculate the natural frequency of the system and apply dynamic amplification factors. Update 
the loads and foundation sizes if necessary (Section2.7) 
8 Check the change of the natural frequency over the life time of the turbine (Section 2.4.1) 
9 Check the long term-tilt (Section 2.4.2) 
10 Estimate the fatigue life 
It is important to state that this process is iterative in nature and is meant to provide preliminary 
estimates for concept designs. The method also shows in the interdisciplinary and complex nature of 
the design process which is signified in the flow chart shown in Figure 2.25. A similar approach will be 
followed in Chapter 7 for the design of jacket supported OWTs.  
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Figure 2.25: Simplified design of monopile redrawn from (Arany, et al., 2017) 
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2.10 Research Gaps  
From this chapter, it is possible to identify some of the gaps in literature with regards to the design 
and analysis of foundations supporting OWTs. For monopile design, Research should be continued to 
update the p-y curves provided in the API and DNV codes. Methods of extraction through finite 
element are readily available in literature, however, these can be expensive and very time consuming. 
P-y curves can be coded into standard software and are much faster to analyse which is important 
early on in the project.  
Long term tilt of monopiles is still not fully understood and no specific design method is available. 
Research should continue in order to obtain “mechanism based” design approaches to predict long 
term tilt. The research in Section 2.10 started the process by providing accurate loading conditions for 
future tests and numerical analyses. It is now required to check which of these loading conditions 
results in a higher tilt, which type of soils result in higher tilt, and whether or not the turbine size plays 
an important role in this aspect. This is directly linked to the full understanding of the dynamic soil 
structure interaction between the foundation and soils and what is the extent this can have an effect 
on the dynamic performance (such as the shift in the natural frequency). 
In terms of foundation stiffness, which is shown to have a detrimental effect on design, there seems 
to be limited formulations for foundation stiffness values in different types of ground profiles 
(homogeneous, linear, parabolic, and multi-layered). Research should be directed towards providing 
these simplified design tools to enable a better estimation of the foundation costs in offshore wind 
farms. 
For OWTs supported on jackets, the research is limited and heavily dependent on the experiences 
from offshore oil and gas fixed offshore platforms. There is some literature on the soil-structure 
interaction between OWT jackets and their supporting foundations, however, there is no 
comprehensive set of tools and design methods for jacket supported offshore wind turbines. 
This thesis aims at fulfilling a number of research gaps discussed above such as: 
• Prove the current status of offshore wind turbines in terms of load, resistance, and important 
design criteria. (Chapter 3) 
• Provide a comprehensive set of foundation stiffness values for driven piles and suction caissons 
in homogeneous, linear, and parabolic ground profile with guidance on when to use specific 
stiffness values (Chapter 4). 
• Provide mechanical models to study the dynamic performance of OWTs supported on multiple 
foundations (jackets). This will allow the proposition of the geometrical, material, and 
structural non-dimensional groups that affect the dynamic performance of the system, with the 
inclusion of the effects of soil-structure interaction (Chapter 5). 
• Provide simplified design tools to assess the natural frequency of the structure, the response of 
the structure under dynamic loads, and foundation sizing tools which is then further refined 
with other design considerations discussed throughout this literature review. (Chapter 6) 
• Using the tools obtained above, a design methodology will be provided for jackets and 
compared to ones available in the public domain. The design will depend on a limited amount 
of data and aims to use standard spreadsheet software making it a very powerful tool for front-
end engineering and conceptual designs. (Chapter 7) 
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Chapter 3: Current Status of Monopile 
Supported OWTs 
Synopsis 
The originality of the chapter lies in understanding the design drivers of monopiles in terms of stiffness 
and strength. Through numerous case studies of European offshore windfarms founded on monopiles, 
the direction of the loads and the utilization ratios were calculated. To calculate the utilization ratios, 
soil parameters were set on a p-y model and the moment resistance of the system was extracted. It 
will be shown that it is more likely the SLS design criteria controls over the ULS criteria. This directed 
the focus of this thesis on the foundation stiffness rather than the foundation strength. The author 
generated the applied loads and built the soil models for the p-y analysis. The plotting of the curves 
and bar graphs was performed with the assistance of a BEng student. 
This chapter of the thesis is loosely based on the following publication: 
Jalbi, S., Arany, L., Salem, A., Cui, L. and Bhattacharya, S., 2019. A method to predict the cyclic loading 
profiles (one-way or two-way) for monopile supported offshore wind turbines. Marine Structures, 63, 
pp.65-83. 
3.0 Introduction 
From the information provided in Chapter 2, it is possible to assess the performance of monopile 
supported OWTs in European wind farms. Some data on the turbines, foundations, and ground 
profiles is available in the public domain. From the information provided in this literature review it is 
possible to analyse both the loads and the resistance of the foundations, and though the main theme 
of this thesis is revolved around jackets, this relatively short chapter on monopiles will provide 
important information about: 
• The design drivers of the foundations. In other words , is the design of foundations governed 
by the Ultimate Limit State (ULS) or is it driven by the Serviceability Limit State (SLS) and 
natural frequency requirements. 
• The level of conservativeness current wind farms are designed for. In order to get a better 
reflection of the level of utilization and robustness of the foundations, both the load and material 
safety factors have been set to 1.0. 
15 wind turbines from 12 wind farms are analysed to show the application of the methodology. For 
all 15 wind turbines, the loads are calculated using the method in Section 2.6 of the literature review. 
The input parameters for the load calculation are shown in Table 3.1 and the ground profiles used for 
analysis are shown in Figure 3.1.
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Table 3.1: Summary of monopile and wind turbine data 
Name Code 
Symbol  
[unit] 
Lely A2 Lely A3 
Irene 
Vorrink 
Irene 
Vorrink 
Blyth Kentish I 
Barrow 
II 
Thanet 
III 
Belwind 
IV 
Burbo 
Bank 
Walney 
I 
Gunfleet 
Sands 
Horns 
rev 
London 
Array 1 
London 
Array 2 
- LLA2 LLA3 IV1 IV2 BL KF BAR THA BEL BB WAL GS HR LA1 LA2 
Wind farm number 
- 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 
Reference 
turbulence 
intensity 
I15 [%] 18.0 18.0 18.0 18.0 18.0 18.0 18.0 18.0 18.0 18.0 18.0 18.0 18.0 18.0 18.0 
Rated wind speed 
UR [m/s] 14.0 14.0 14.0 14.0 17.0 15.0 15.0 15.0 15.0 14.0 14.0 14.0 16.0 12.5 12.5 
Rotor diameter 
D [m] 43.0 43.0 43.0 43.0 66.0 90.0 90.0 90.0 90.0 107.0 107.0 107.0 80.0 120.0 120.0 
Hub height above 
mean sea level zhub [m] 41.5 41.5 48.8 48.8 67.0 70.0 75.0 70.0 72.0 83.5 83.5 75.5 70.0 87.0 87.0 
Mean water depth 
S [m] 12.1 7.1 5.2 6.0 7.8 8.0 18.0 27.0 20.0 8.0 21.5 15 14.0 25.0 10.0 
50-year maximum 
wave height HS,50 [m] 5.1 3.0 2.2 2.5 4.6 3.4 7.5 11.3 8.4 3.4 9.0 6.3 5.9 10.5 4.2 
50-year maximum 
wave period TS,50 [s] 8.0 6.1 5.2 5.6 7.6 6.5 9.7 11.9 10.3 6.5 10.6 8.9 8.6 11.5 7.3 
Monopile diameter 
DP [m] 3.2 3.7 3.515 3.515 3.5 4.3 4.75 4.7 5 4.7 6 5 4 5.7 4.7 
Monopile length 
LP [m] 13.9 20.9 24.6 24.6 15 29.5 40 30 35 24 30 38 25 30 35 
Monopile wall 
thickness tP [m] 0.035 0.035 0.035 0.035 0.050 0.045 0.060 0.065 0.050 0.075 0.080 0.050 0.050 0.075 0.065 
Moment 
resistance MR[MNm] 78 336 504 504 - 240 650 624 1120 427 1240 757 510 705 760 
Loading Ratio: 
Normal Operating 
Conditions 
Mmin/Mmax[-] 0.19 0.45 0.59 0.55 0.60 0.66 0.35 0.04 0.24 0.68 0.201 0.48 0.49 0.18 0.63 
Loading Ratio: 
Extreme Wave 
Load Scenario 
Mmin/Mmax[-] -0.37 -0.097 0.15 0.08 0.161 0.26 -0.18 -0.47 -0.31 0.33 -0.33 -0.009 0.007 -0.351 0.26 
Loading Ratio: 
Extreme Wind 
Load Scenario 
Mmin/Mmax[-] -0.17 -0.006 0.110 0.082 0.158 0.197 -0.032 -0.254 -0.116 0.204 -0.134 0.067 0.08 -0.145 0.169 
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Figure 3.1: Ground profiles for analysis. 
 
Depth [m]
Lely A2 NedWind 
NW43 - 500kW
Lely A3 -
NedWind NW43  
500kW
Irene Vorrink 
Nordtank NTK600- 
600kW
Irene Vorrink 
Nordtank NTK600- 
600kW
Blyth - Vestas V66 
2MW
Kentish I - Vestas 
V90 3MW
Barrow II - Vestas 
V90 3MW
Thanet III - Vestas 
V90 3MW
Belwind IV - 
Vestas V90 3MW
Burbo Bank - 
Siemens SWT-
3.6-107 3.6MW
Walney I - 
Siemens SWT-
3.6-107 3.6MW
Gunfleet Sands - 
Siemens SWT-
3.6-107 3.6MW
Horns rev
London Array 1
NB10
London Array 2
NE07
1 Soft clay Soft clay Silt (as soft clay) Silt (as soft clay) Weathered bedrock Loose sand Medium dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Very dense sand Dense sand Very dense sand
2 Soft clay Soft clay Silt (as soft clay) Silt (as soft clay) Weathered bedrock Loose sand Medium dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Very dense sand Dense sand Very dense sand
3 Soft clay Soft clay Dense sand Dense sand Weathered bedrock Loose sand Medium dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Very dense sand Firm clay (70, silt) Very dense sand
4 Soft clay Soft clay Soft clay Soft clay Weathered bedrock Loose sand Medium dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Very dense sand Firm clay (70, silt)
Medium dense 
sand
5 Dense sand Dense sand Soft clay Soft clay Weathered bedrock Loose sand Dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Very dense sand Firm clay (70, silt)
Medium dense 
sand
6 Dense sand Dense sand Soft clay Soft clay Weathered bedrock Dense sand Dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Very dense sand Firm clay (70, silt)
Medium dense 
sand
7 Dense sand Dense sand Soft clay Soft clay Weathered bedrock Dense sand Dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Very dense sand Firm clay (70, silt)
Medium dense 
sand
8 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Dense sand Dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Dense sand Stiff clay Firm clay (70, silt)
9 Dense sand Dense sand Very dense sand Very dense sand Weathered bedrock Firm clay Very dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Dense sand Stiff clay Firm clay (70, silt)
10 Dense sand Dense sand Very dense sand Very dense sand Weathered bedrock Dense sand Very dense sand Dense sand Dense sand Loose sand Medium dense sand Soft sandy clay Dense sand Stiff clay Firm clay (70, silt)
11 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Dense sand Very dense sand Dense sand Dense sand Loose sand Medium dense sand Firm clay Dense sand Stiff clay Firm clay (70, silt)
12 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Dense sand Stiff clay Dense sand Dense sand Loose sand Medium dense sand Firm clay Dense sand Stiff clay Firm clay (70, silt)
13 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Firm clay Stiff clay Dense sand Dense sand Loose sand Medium dense sand Firm clay Dense sand Dense sand Firm clay (70, silt)
14 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Firm clay Stiff clay Dense sand Dense sand Loose sand Medium dense sand Firm clay Dense sand Dense sand Firm clay (70, silt)
15 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Firm clay Stiff clay Dense sand Dense sand Medium dense sand Medium dense sand Firm clay Dense sand Dense sand Firm clay (70, silt)
16 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Firm clay Stiff clay Stiff clay Stiff clay Medium dense sand Medium dense sand Firm clay Dense sand Dense sand
Medium dense 
sand
17 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Firm clay Stiff clay Stiff clay Stiff clay Medium dense sand Medium dense sand Firm clay Dense sand Dense sand
Medium dense 
sand
18 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Firm clay Stiff clay Stiff clay Dense sand Medium dense sand Medium dense sand Firm clay Dense sand Dense sand
Medium dense 
sand
19 Dense sand Dense sand Dense sand Dense sand Weathered bedrock Firm clay Stiff clay Stiff clay Dense sand Medium dense sand Medium dense sand Firm clay Dense sand Dense sand Firm clay (70, silt)
20 Stiff clay Stiff clay Dense sand Dense sand Weathered bedrock Firm clay Stiff clay Stiff clay Dense sand Medium dense sand Medium dense sand Firm clay Dense sand Dense sand Firm clay (70, silt)
21 Stiff clay Stiff clay Dense sand Dense sand Weathered bedrock Firm clay Very stif f  clay Stiff clay Dense sand Medium dense sand Medium dense sand Hard clay Dense sand Dense sand Firm clay (70, silt)
22 Stiff clay Stiff clay Dense sand Dense sand Weathered bedrock Firm clay Very stif f  clay Stiff clay Dense sand Medium dense sand Medium dense sand Hard clay Dense sand Dense sand Firm clay (70, silt)
23 Stiff clay Stiff clay Stiff clay Stiff clay Weathered bedrock Firm clay Very stif f  clay Stiff clay Dense sand Medium dense sand Medium dense sand Hard clay Dense sand Stiff clay Firm clay (70, silt)
24 Stiff clay Stiff clay Stiff clay Stiff clay Weathered bedrock Firm clay Very stif f  clay Stiff clay Dense sand Medium dense sand Medium dense sand Hard clay Dense sand Stiff clay Firm clay (70, silt)
25 Very dense sand Very dense sand Stiff clay Stiff clay Weathered bedrock Firm clay Very stif f  clay Stiff clay Dense sand Stiff clay Medium dense sand Hard clay Dense sand Stiff clay Firm clay (70, silt)
26 Very dense sand Very dense sand Stiff clay Stiff clay Weathered bedrock Firm clay Very stif f  clay Stiff clay Dense sand Stiff clay Medium dense sand Hard clay Medium dense sand Stiff clay Firm clay (70, silt)
27 Very dense sand Very dense sand Stiff clay Stiff clay Weathered bedrock Firm clay Very stif f  clay Stiff clay Dense sand Dense sand Medium dense sand Hard clay Medium dense sand Stiff clay Firm clay (70, silt)
28 Very dense sand Very dense sand Weathered bedrock Firm clay Very stif f  clay Stiff clay Stiff clay Medium dense sand Hard clay Medium dense sand Stiff clay Firm clay (70, silt)
29 Very dense sand Very dense sand Weathered bedrock Firm clay Very stif f  clay Stiff clay Stiff clay Medium dense sand Hard clay Medium dense sand Stiff clay Firm clay (70, silt)
30 Very dense sand Very dense sand Weathered bedrock Firm clay Very stif f  clay Stiff clay Very stif f  clay Medium dense sand Hard clay Medium dense sand Stiff clay Firm clay (70, silt)
31 Very stif f  clay Stiff clay Very stif f  clay Medium dense sand Hard clay Medium dense sand Stiff clay Firm clay (70, silt)
32 Very stif f  clay Stiff clay Very stif f  clay Medium dense sand Hard clay Medium dense sand Stiff clay Firm clay (70, silt)
33 Very stif f  clay Stiff clay Very stif f  clay Medium dense sand Hard clay Stiff clay Firm clay (70, silt)
34 Very stif f  clay Stiff clay Weak mudstone Medium dense sand Hard clay Stiff clay Firm clay (70, silt)
35 Very stif f  clay Stiff clay Weak mudstone Medium dense sand Hard clay Stiff clay Firm clay (70, silt)
36 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
37 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
38 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
39 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
40 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
41 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
42 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
43 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
44 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
45 Very stif f  clay Weak mudstone Medium dense sand Stiff clay Firm clay (70, silt)
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Two important aspects must be understood: the nature of the loads applied, and the resistance of the 
foundations. Based on the information provided in Table 3.1, the loading time history was computed 
for the wind farms presented for the 3 load cases as shown in Table 2.8 of Chapter 2. For instance, 
taking the case of London Array 1, the time history of load case 1 shown in the table which has the 
Normal Turbulence Model (NTM) at the rated wind speed for the wind load and 1-Year Extreme Sea 
State (ESS) for the wave load. Figure 3.2 shows the superimposed wave for the normal operational 
conditions load case. Mmin/Mmax can then be taken as the ratio of the highest peaks as shown in Figure 
3.2. For this case Mmin/Mmax=24/131=0.18, which is indicative of one-way loading conditions. 
 
Figure 3.2: Loading time history for normal operating conditions for London Array 1 
Similarly, if load case 2 (ETM model for wind and 50-year EWH for wave) is taken for the Walney wind 
turbine, the applied cyclic moment shown in Figure 3.3 is achieved. It may be observed that in this 
case Mmin/Mmax=-68/200=-0.34 which is indicative of two-way loading. Primarily, this means the 
applied loads can either be one-way or two-way depending on the loading scenario selected, turbine 
size and water depth. The next section discusses results from the remaining wind farms and draws 
conclusions on the direction and magnitude of loading.  
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Figure 3.3: Time history for Extreme wave load scenario for Walney 
 
3.1 Mmin/Mmax for Operating Wind Turbines  
Results for the cases presented in Table 3.1 were processed in terms of turbine size and water depth 
for all load cases. For instance, Figure 3.4 shows the results for 3.0 MW and 3.6 MW wind turbines. It 
is interesting to note that both 3.0 and 3.6 MW turbines exhibited one-way loading for Normal 
Operational Conditions even at higher water depths. Mmin/Mmax shifts from higher values of 0.6 at 
shallow water depths of about 10 m to low values (0 to 0.1) at higher water depths of 25 m, which 
means under normal conditions, currently installed wind turbines may not experience two-loading. 
Please note that the turbine code names are provided in Table 3.1. 
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Figure 3.4: Mmin/Mmax for different load cases for 3.0MW and 3.6MW Wind turbines 
This is because under normal conditions for the same wind turbine rotor diameter, the wind load 
varies slightly depending on the rated wind speed. As the water depth increases, the cyclic wave loads 
increase in magnitude, and thus increasing the contribution of wave loads to the total cyclic load. This 
results in lower Mmin values relative to Mmax. It is only when extreme wave or wind loading scenarios 
are considered that negative values of Mmin/Mmax start to arise at medium water depths (above 15m). 
The lowest Mmin/Mmax (of about -0.5) occurs due to extreme wave scenarios at higher water depths. 
Considering that the probability of such occurrences are low (50 year return period which takes the 
maximum wave height) and the time duration of a few hours for such events is relatively low 
compared to the service life of an OWT (25-30 years), it is safe to assume that current windfarm 
developments in Europe are mostly under the action of one-way loading. Consequently, any future 
studies on similar sizes must consider Mmin/Mmax values of 0 to 0.5 depending on the required water 
depth rather than extreme values ranging from -1 to 1.  It may be reminded that wave loads consider 
the summation of the maximum drag and inertia values which means the contribution of the waves 
are lower in reality which will result in even higher Mmin/Mmax values.  A more realistic event would be 
having one-way loading for the majority of test loading cycles followed by a sudden shift to two-way 
loading simulating the occurrence of an extreme wind or wave scenario. The presented results can 
also give a preliminary indication of the response of foundations supporting the jackets. Neglecting 
the self-weight, a high moment on the system means that the push-pull action will result in large 
compressive and tensile loads on the piles (or caissons). Positive Mmin/Mmax values indicate that piles 
that are in tension will stay in tension and piles in compression will also remain in compression. A 
negative Mmin/Mmax values indicate that load on the piles changes from positive to negative every 
loading cycle. This information is important as the foundation size below jackets are usually the same 
where the worse-case size is selected. It may then be concluded that due to the higher water depths, 
the wave load contribution increases which makes the tensile strength of the foundations an 
important design parameter. It is important to note that the self-weight of the structure will 
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counteract the tensile force imposed by the lateral wind and wave loads. This will be shown in the 
Chapter 7 of the thesis where a jacket design example will be provided.  
3.2 Mmin/Mmax for Operating Wind Turbines 8.0MW and 10MW  
The methodology presented above was applied to larger size wind turbines. The turbine sizes selected 
for this study were the Vestas V164 8.0 MW wind turbine and the DTU reference 10 MW wind turbine 
described in (Desmond, et al., 2016). The wind turbines were placed in different windfarm sites shown 
in Table 3.1 and accordingly the loading ratio was computed. For instance, Figure 3.5 and Figure 3.6 
show the Normal Operational Conditions for the 10 MW wind turbine in shallow and deep waters. 
Figure 3.7 shows the summarized Mmin/Mmax values for the three load cases. Similar trends appear to 
those of the smaller turbines in Figure 3.4. The difference lies in deeper water where Mmin/Mmax for 
larger turbines are higher than the ones of smaller turbines.  
 
Figure 3.5: Normal Operating Conditions loading time history for 10 MW in shallow water depths 
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Figure 3.6: Normal Operation Conditions loading time history for 10 MW turbine in deeper water 
 
Figure 3.7: Mmin/Mmax for different load cases for 8.0 and 10 MW Wind turbines 
To put the outcomes in perspective, results from all wind turbine sizes are plotted for normal 
operational conditions as shown in Figure 3.8. What can be noted from the figure is that for lower 
water depths, the turbine size does not seem to greatly influence the value of Mmin/Mmax as the wind 
load has the highest contribution to the total load. At deeper waters, wave loads start to dominate, 
however for bigger turbines the wind load is also high (due to the large rotor diameter) which shifts 
the superimposed load upwards. This can be seen by comparing Figure 3.5 and Figure 3.6. Conclusively 
it may be predicted that for monopile supported OWTs, which are also likely to be installed in deeper 
water, Mmin/Mmax is expected to be in the low positive values 0.2-0.3 which may be described as one-
way loaded. It is important to remind the reader that  as previously discussed in the literature review, 
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there seems to be a disagreement in literature on whether or not one-way or two-way loads have a 
more detrimental effect on the overall deformation of the structure. 
 
Figure 3.8: Mmin/Mmax for different load cases for 8.0MW and 10MW wind turbines under Normal Operational Conditions 
3.3 Mmax/MR for Existing Wind Farms 
The ultimate moment of resistance MR was computed using the p-y method explained 2.1.1.2 using 
software package ALP. Figure 3.9 plots Mmax/MR for currently operating 3 and 3.6MW turbines. From 
Figure 3.9,   it seems that the ratio ranges for 10-20% under normal operational conditions and can go 
up to 40% for extreme loading cases as shown in Figure 3.10 and Figure 3.11. Hence, as the “utilization 
ratios” at the Ultimate Limit State are low and it seems that the main drivers for the design of 
monopiles are the natural frequency and deformation requirements (Serviceability Limit State). This 
means the ability practically and accurately estimate the foundation stiffness is important for both 
monopile and jacket supported OWTs. This will be covered thoroughly in Chapter 4.  This also concurs 
with the observations in the literature review where it seems that the Ultimate Limit State does not 
control the design of monopiles in deep and shallow waters. If it is the case that utilization ratios are 
higher, a larger focus should be given to the methods to predict the ultimate capacity of the system, 
such as previously discussed, including the shaft friction and base shear in the ULS calculations. In 
addition, the philosophy of the simplified method would also need to give more weight to the ultimate 
capacity calculations. 
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Figure 3.9: Mmax/MR for 3.0 and 3.6MW wind turbines under Normal Operational Conditions 
 
 
 
Figure 3.10: Mmax/MR for 3.0 and 3.6MW wind turbines under Extreme Wave Load Scenario 
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Figure 3.11: Mmax/MR for 3.0 and 3.6MW wind turbines under Extreme Wind Load Scenario 
Note: Please notice that Figures 3.9, 3.10 and 3.11 have different y-axis Mmax/MR scales, To put things 
into a clearer prospective, the three plots are merged into one plot as shown in Figure 3.10 such that 
they are plotted with the same y-axis 
 
Figure 3.12: Mmax/MR for 3.0 and 3.6MW for all loading scenarios 
The same methodologies may be applied to jackets where the effect of superimposed wind and wave 
loads maybe studied. The difference would be that the loads would be axial in direction due to the 
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load transfer mechanism. At this stage data is not available in the public domain about the jacket sizes 
installed in European waters. This is one of the objectives of this thesis which is to study the main 
design drivers of jackets which must satisfy the same global jacket requirements. This chapter directed 
the study to explore foundation stiffness in terms of the jacket structure prior to the ULS performance 
of the system. This of course must be validated in the future as more information is available on 
constructed jackets. In addition, fatigue has not been considered in this analyses which is further 
discussed in Chapter 7 and Chapter 8.  
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Chapter 4: Practical Methods to Estimate 
Foundation Stiffness 
Synopsis 
The originality of the chapter lies in the derivation of methods to extract the foundation stiffness from 
numerical analyses. This was performed with the assistance and checking of Dr. Masoud Shadlou from 
the University of Southampton (Ex-Surrey postdoc) who has checked the derivation. After completing 
the derivations, the author used these extraction methods to develop formulas for faster and more 
efficient use of the foundation stiffness calculations. Finally, the author also showed step-by-step 
examples for a realistic ground profile obtained from literature.  
This chapter of the thesis is loosely based on the following publications: 
Jalbi, S., Shadlou, M. and Bhattacharya, S., 2018. Impedance functions for rigid skirted caissons 
supporting offshore wind turbines. Ocean Engineering, 150, pp.21-35. 
Jalbi, S., Shadlou, M. and Bhattacharya, S., 2017. Practical method to estimate foundation stiffness for 
design of offshore wind turbines. In Wind Energy Engineering (pp. 329-352). Academic Press. 
4.0 Introduction 
As previously discussed in the literature review, the foundation stiffness plays an important role in 
assessing the Serviceability Limit State and the natural frequency of the system. As a reminder, the 
three methods currently utilized to predict the stiffness are: 
• Simplified method: These consist of the macro-element set of springs representing the entire 
foundation. The set of springs are namely the lateral spring KL, the cross-coupling spring KLR, 
the rotational spring KR, and the vertical spring KV. These require any spreadsheet type program 
to compute the stiffness values and are useful in the preliminary design stage. The benefits and 
drawbacks of this method have been discussed in Section 2.1.1.2. 
• Standard method: This is the most common method used in industry where the foundation soil-
structure interaction is represented by a set of distributed p-y springs provided by current design 
standards. Standard software are available at reasonable costs to carry the analysis. Unlike the 
simplified method varying ground stratigraphy can also be modelled. This method however is 
only applicable for deep foundations. The advantages and disadvantages of this method are also 
discussed in Section 2.1.1.2. 
• Advanced methods: These consist of the continuum finite element software. These packages 
are usually expensive, computationally demanding, and require high expertise. The advantage 
is that these solutions offer high accuracy. Different types of soil models have been previously 
discussed in Section 2.5. 
The simplified method can be used to represent foundations for both monopile and jacket supported 
OWTs as shown in Figure 4.1. As previously discussed in Arany, et al., (2015), the values of kL,kLR, and 
kR (specifically kR) are crucial for estimating the natural frequency of OWTs supported on monopiles. 
Usually this system is vertically very stiff and no vibration is expected in that direction and kV is ignored. 
On the other hand, the load transfer mechanism of jackets indicates that the vertical stiffness will play 
a dominant role in the natural frequency. Thus a comprehensive set of “impedance functions” is useful 
when comparing different foundation options at the preliminary design stage. Solutions for deep and 
shallow foundations available have been discussed previously in the literature review. There are 
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however some gaps in the solutions provided (keeping in mind their applicability to OWT applications), 
it can be argued that the available methods are: 
• Most of the available methodologies assume a homogeneous soil for shallow foundations and 
homogeneous/linear soils for deep foundations. This chapter provides solutions for the full set 
of springs in homogenous, linear, and parabolic ground profiles, shown in Figure 4.2. 
• For shallow foundations, the available literature assumes that she shape of the foundation as an 
embedded circular footing rather than a skirted suction caisson which is the preferred shape in 
OWT applications. 
• Even though most of the solutions provided in literature employ the finite element method, 
some of them are outdated and there has been a large advancement of the computational power 
of software packages in the past 2 decades.  
 
Figure 4.1: Macro-element approach for monopile and supported OWTs 
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Figure 4.2: Homogeneous, linear, and parabolic soil stiffness profiles 
Thus, this Chapter will focus on developing static impedance functions (kL, kR, kLR, and kV) in different 
ground profiles (homogeneous, linear, and parabolic (Figure 4.2)). In this thesis shallow foundations 
(suction caissons) are assumed to have an aspect ratio L/D<2 whilst deep foundations (piles) are 
expected to have an aspect ratio L/D>2. These functions are then going to be used to incorporate SSI 
effects in the dynamic analysis of jacket supported OWTs. The work of this chapter continues recent 
efforts done by the research group presented in Shadlou & Bhattacharya, (2016) where lateral 
impedance functions (kL, kR, kLR) have been obtained as previously shown in Table 2.1 in the literature 
review. These will be used for validation of the obtained solutions in subsequent sections of this 
chapter. The next section of this chapter aims at explaining how to extract impedance values using 
the standard or advanced methods.   
4.1 Obtaining Foundation Stiffness From Standard and Advanced Methods 
4.1.1Lateral Stiffness KL,KLR, and KR 
The analysis methods discussed are numerical methods and the output of such analysis will be pile 
head load-deflection and moment-rotation curves. However, following Figure 4.2, three stiffness 
terms (kL, kR, kLR) are required to carry out dynamic and SLS calculations on monopiles. This section 
explains a simple methodology to extract the stiffness from the analysis results obtained using the 
standard and advanced methods as shown in Figure 4.3. 
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Figure 4.3: Simplified Spring Model 
Whilst KL (lateral stiffness, i.e., force required for unit lateral deflection with the unit MNm-1) and KR 
(rotational stiffness, i.e., moment required for unit rotation with the unit MNmrad-1) are easy to 
appreciate and visualise, the cross-coupling term KLR is more involved and arises from matrix 
compliance. Arany, et al., (2015) showed that this term is an important parameter and must be 
considered for the dynamic analysis of monopiles. Gazetas (1983) explains the coupling effect of 
foundations as a consequence of the inertia of the structure where the foundation centre of gravity is 
above the centre of soil reaction pressure. This means as the structure is being displaced laterally, an 
inertia force arises at the centre of gravity and produces a net moment which causes rotation. It is 
therefore necessary to explain the cross-coupling term KLR through the simple cantilever beam 
example shown in Figure 4.4. 
 
Figure 4.4: Explanation of cantilever cross-coupling term 
Figure 4.4 shows a cantilever beam subjected to a moment at the free end (M) causing a deflection ρ1 
and rotation ϴ1. On the other hand, the second cantilever beam shows a vertical load P at the tip which 
causes deflection ρ2 and rotation ϴ2. The expressions for deflection and rotation are given by Eq1. And 
Eq.2 
2
1
ML
ρ =
2EI
    
1
ML
θ =
EI
     (1) 
For the point load 
3
2
PL
ρ =
3EI
   
2
2
PL
θ =
2EI
     (2) 
It is clear that both the moment and the point load produce a rotation as well as a deflection and in 
effect the rotation caused by the point load or the deflection caused by the applied moment is 
indicative of the cross-coupling term. By definition, the stiffness is the force/moment required to 
move the body by a unit displacement/rotation respectively, and thus for this example K11 is the 
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stiffness resisting the point load, K12 and K21 are the cross-coupling stiffness, and K22 is the stiffness 
resisting rotation. For “unit” values of P and M, the stiffness terms are given by Eq.3 and Eq.4. 
11 3 3
2
1 1 3EI
K = = =
1×Lρ L
3EI
  
12 2 2
2
1 1 2EI
K = = =
1×Lθ L
2EI
   (3) 
21 2 2
1
1 1 2EI
K = = =
1×Lρ L
2EI
  
22
1
1 1 EI
K = = =
1×Lθ L
EI
   (4) 
It may be noted that the cross-coupling stiffness values K12 and K21 are equal for the same magnitude 
of loading. This method can be extended to the results obtained from standard and advanced methods 
to find the three stiffness terms (KL, KR, KLR). Typically pile head load-deflection and pile head moment-
rotation curves are nonlinear depending on the soil type. However, the linear range of the curves can 
be used to estimate the pile head rotation and deflection based on Eq.5 and one here can also 
understand the importance of the cross-coupling term. 
L LR
LR R
K KH ρ
=
K KM θ
    
    
    
       (5) 
Eq.5 can be re-written as Eq.6 through matrix operations where I (Impedance Matrix) is a 2x2 matrix 
given by Eq.7. 
 
ρ H
= I ×
θ M
   
   
   
        (6) 
L LR
RL R
I I
I=
I I
 
 
 
        (7) 
To obtain the stiffness terms, one can run a numerical model (either standard or advanced) for a 
lateral load (say H=H1) with zero moment (M=0) and would obtain values of deflection and rotation 
(ρ1 and ϴ1). The results can be expressed through Eq.8 and Eq.9. 
1 L LR 1
1 RL R
ρ I I H
= ×
θ I I 0
     
     
    
       (8) 
1
1 1 L L
1
ρ
ρ =H ×I I =
H
   11 1 RL RL
1
θ
θ =H ×I I =
H
    (9) 
Similarly another numerical analysis can be done for a defined moment (say M=M1) and zero lateral 
load (H=0) as shown in Eq.10 and Eq.11. 
2 L LR
2 RL R 1
ρ I I 0
= ×
θ I I M
     
     
     
       (10) 
2
2 1 LR LR
1
ρ
ρ =M ×I I =
M
   22 1 R R
1
θ
θ =M ×I I =
M
    (11) 
From the analyses (Eq.8-11), terms for the I matrix (Eq.7) can be obtained. Eq.6 can be re-written as 
Eq.12 through matrix operations. 
 
-1 ρ H
I × =
θ M
   
   
   
        (12) 
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Comparing Eq.5 to Eq.12, one can easily see the relation between the stiffness and the inverse of the 
impedance matrix (I) given by Eq.13. Eq.14 and Eq.15 are matrix operations which can be carried out 
easily to obtain kL, kR, and kLR. 
-1
L LR L LR-1
RL R RL R
K K I I
K= =I =
K K I I
   
   
   
      (13) 
-1
1 2
1 2-1
1 2
1 2
ρ ρ
H M
K=I =
θ θ
H M
 
 
 
 
 
 
       (14) 
2 2
2 2 L LR
RL R1 11 2 2 1
1 11 2 2 1
θ ρ
-
M M K K1
K= × =
K Kθ ρρ θ ρ θ
-× - ×
H HH M M H
 
   
   
      
     
    
   (15) 
Therefore, mathematically, one needs to run only two cases i.e. p-y or FEA analyses to obtain the 3 
spring stiffness terms. It is important to note that the above methodology is only applicable in the 
linear range and therefore it is advisable to obtain a load-deflection and moment rotation curves to 
check the range and linearity. If the analysis is used beyond the linear range underestimations of the 
deflections and rotations will occur. Also the natural frequency of the whole system will be 
underestimated.  
4.1.1.1 Example and Verification of a Load Deformation Curve 
The case study of Horns Rev 2 is used to show the application of the methodology. Detailed data on 
the ground profile used for this case study can be found in Augustesen, et al., (2009). The monopile 
foundation supports a 60m long tower carrying a Vestas V80 2MW wind turbine. The pile has a 
diameter of 4.0m and varying wall thickness (WT in Figure 4.5). The reported ultimate loads on the 
pile head were H=4.6MN and M=95MNm. Table 4.1 provides a detailed description of the soil layers 
which is obtained through an extensive testing program which includes geotechnical borings, CPTs, 
and triaxial tests. ALP (Oasys) has been used for the p-y analysis of the monopile which can compute 
the deflections, rotations, and bending moments along the pile. Several other software packages such 
as (PYGM, LPILE) can also be used for thus type of analysis or can be solved numerically through a 
MATLAB program. In this study, two p-y curves are used, the ones recommended by the API code 
(Eq.18 in Chapter 2) and elastic-plastic springs by taking the soil properties in Table 4.1 and described 
in Eq.16 and 17. 
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Figure 4.5 Pile and ground details 
Table 4.1: Soil Properties of Horns Rev1 
Soil Layer Soil Type Depth (m) ES (MPa) φ’(0) γ’ (kN/m3) 
1 Sand 0 - 4.5 130 45.4 10 
2 Sand 4.5 - 6.5 114.3 40.7 10 
3 Sand to Silty Sand 6.5 - 11.9 100 38 10 
4 Sand to Silty Sand 11.9 - 14.0 104.5 36.6 10 
5 Sand/Silt/Organic 14.0 - 18.2 4.5 27 7 
6 Sand 18.2 - 168.8 38.7 10 
 
p=ky    
sk=E h       (16) 
Where h is the spacing between the springs under consideration 
The plastic phase of the curve is given by  
( )p q v c PF = K σ' +cK hD         (17) 
Where Kq and Kc are factors that depend on depth and φ’ 
Figure 4.6 shows the results of the p-y analysis using the two curves. It is evident in the figure that the 
ULS loads lie within the linear range which means that the deflections and rotations arising from such 
forces can be estimated using KL, KR, and KLR. Table 4.2 summarises the results for the analysis where 
two load cases have been applied (H=0.2MN,M=0MNm) and (H=0MN,M=0.2MNm) which are lower 
than both the rigid and flexible failure loads of the pile (see Figure 4.6).  
Using Eq.13 and applying it to the results obtained and shown in Table 4.2, the stiffness terms are 
predicted using the different models and shown in Eq.19 and Eq.20. 
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Figure 4.6: (a) Moment-deflection, (b) Moment-rotation, (c) Lateral load-rotation), (d) Lateral-Load 
deflection 
Table 4.2: Results from computational analysis and computation of the I matrix 
Model Loads ρ(mm) ϴ(rads) IL ILR IRL IR 
Elastic-Plastic 
H=0.2MN 
M=0 MNm 
0.43 4.1E-05 2.15E-03 2.1E-04 - - 
API Code 
H=0.2MN 
M=0 MNm 
0.15 2.3E-05 7.60E-03 1.1E-04 -  
Elastic-Plastic 
H=0 MN 
M=0.2 
MNm 
0.41 8.3E-05 - - 2.1E-04 4.25E-05 
API Code 
H=0 MN 
M=0.2 
MNm 
0.22 6E-05 - - 1.1E-04 3.0E-05 
 
Elastic-Plastic Formulation:  
L LR-1
RL R
K K0.00215 0.00021 894.1 -4451.3
I= I =K= =
K K0.00021 0.000042 -4451.3 46252.1
    
=     
    
 
L
MN
K =894.1
m
 LRK =-4451.3MN  R
MN.m
K =46252.1
Rad
    (19) 
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The API method: 
L LR-1
RL R
K K0.0076 0.00011 3102 -11823.7
I= =>I =K= =
K K0.00011 0.00003 -11823.7 78275.5
    
    
    
 
L
MN
K =3102
m
 
LRK =-11823.7MN  R
MN.m
K =78275.5
Rad
    (20) 
It may be noted that the stiffness terms are quite different in the two formulations given by Eq.19 and 
Eq.20. This is because of the fact that the API formulation is empirical and is calibrated against small 
diameter piles and the extrapolation to large diameter piles have proven to be problematic as 
previously mentioned in the literature review. 
The deflections and rotations at the pile head can now be predicted (as they are still within the 
linear range) as shown in Eq.21  
Elastic-Plastic 
-1
ρ 894.1 -4451.3 4.6 0.03
= =
θ -4451.3 46252.1 95 4.8E-03
       
       
       
 
API Formulation 
-1
ρ 3102 -11823.7 4.6 0.014
= =
θ -11823.7 78275.5 95 3.5E-03
       
       
       
      (21) 
Hence, the results predict a deflection of 30mm and a rotation of 0.280 using the Elastic-Plastic Model 
and 14mm and a rotation of 0.200 using the API method. In order to build up a basis for comparison a 
finite element model was created where FEA software package PLAXIS 3D was used to evaluate the 
overall pile deformation and rotation due to the pile head loads. To save computational space, half of 
the pile was modelled as shown in Figure 4.7. The Mohr-Coulomb material model was set for the soil 
with the same stiffness and strength properties shown in Table 4.1. For the pile material, linear elastic 
material was used. Ten node tetrahedral elements were assigned to the soil volume and 6 node 
triangular plate elements were used for the pile. The interaction between the soil and the pile was 
modelled with double noded elements. The soil extent taken was 20D and a medium mesh was used. 
The pile was extended 21m above the ground to simulate the effect of the applied moment.  
 
Figure 4.7: Geometry and mesh used in the PLAXIS model 
Figure 4.8 shows the deformation of the pile due to the same loads. PLAXIS 3D showed a deformation 
of 42.5mm and a rotation of 0.30. In comparison to the results obtained in Eq.21 the results of the FEA 
are closer to the Elastic-Plastic curves than the API ones. This is because both the Mohr-Coulomb 
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model of PLAXIS 3D and the Elastic-Plastic Springs in Eq.16 define the soil stiffness using the soil 
Young’s modulus ES. This justifies the use of the macro-element spring model to estimate the 
deformations at low service loads. Given that the macro-element springs only require a simple 
spreadsheet program rather than an expensive FE software, it provides a valuable tool for initial 
design.   
 
Figure 4.8: Deflection of the pile due to H=4.6MN AND M=95MNm 
4.1.1.2 Example and Verification of a Natural Frequency 
As stated in Section 2.7 of the literature review the spring stiffness values can be used to incorporate 
the effects of SSI on the natural frequency of the system. Using the methodology provided in Arany, 
et al., (2015) the natural frequency was estimated and compared to the one using Finite Element 
package SAP2000. Due to the lack of some of the tower data, a similar 2MW wind turbine from North 
Hoyle has been used and the properties are shown in Table 4.3 
Table 4.3: Wind Turbine Properties 
Tower top diameter (m) 2.3 
Tower bottom diameter (m) 4.0 
Wall thickness (mm) 35 
Mass of RNA (tons) 100 
Mass of tower (tons) 130 
 
The fixed base natural frequency is calculated as per Section 2.7 of the literature review 
b t
T
D +D 4 2.3
D = 3.15
2 2
+
= =    ( )
3 4
T
1
I = 3.15-0.035 ×0.035×π=0.415m
8
 
9
FB
3
1 3×210 10 ×0.415
f = = 0.385Hz
33×1300002π
(100000+ )70
140
  
The fixed base natural frequency is therefore 0.385Hz. The effect of SSI can then be included using the 
non-dimensional groups that depend on kL,kR, and kLR. Using the elastic-plastic spring stiffness values, 
the flexible natural frequency can be calculated as follows 
4
q= =1.74
2.3
  2 3
2 2
1 2×1.74 (1.74-1)
f(q)= × =3.56
3 2×1.74 ln1.74-3×1.74 +4×1.74-1
 
( )
3
η
1
EI =210× 2.3-0.035 ×0.035×π×3.56=119.4GPa
8
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The non-dimensional groups are: 
3
L
0.8941×70
η = =2568
119.4
  
2
LR
-4.45×70
η = =-182.6
119.4
 
R
46.25×70
η = =27.1
119.4
 
The foundation flexibility coefficients can then be calculated as  
( )R L LR R 2
1
C η ,η ,η =1- =0.894
-182.6
1+0.6 27.1-
2568
 
 
 
 
( )L L LR R 2
1
C η ,η ,η =1- =0.999
-182.6
1+0.5 2568-
27.1
 
 
 
 
The flexible natural frequency is then given by 
0f =0.894×0.999×0.385=0.344Hz  
A similar system was modelled using SAP2000 and a modal analysis is carried out to obtain the natural 
frequency. Non-prismatic beam elements of varying were assigned to the tower while the SSI was 
represented by discrete linear Winkler springs. The spring stiffness values were taken from the soil 
properties in Table 4.1 and are a function of the modulus of elasticity at the location of the spring and 
the spacing between two adjacent springs. A lumped mass was assigned at the tower head to model 
the self-weight of the RNA. The first natural frequency recorded from the modal analysis was 0.351 
Hz which is in close proximity to the one obtained using the macro-element model.  
 
 
Figure 4.9: SAP2000 FEA model 
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This section signifies two important aspects: 
• The applicability of the macro-element representation of the foundations to facilitate SLS and 
dynamic calculations 
• At the same time verifies the acceptable level of accuracy in using it through providing 
adequately accurate estimates of the foundation deformation and natural frequency.  
Thus, the remaining sections of this chapter are aimed at developing impedance functions of piles and 
shallow foundations as it would be much easier and cheaper than iterating between FEA/p-y software 
to obtain the impedance values each time. 
4.1.2 Vertical Stiffness KV 
As previously stated, due to the push-pull nature associated with jackets, the vertical stiffness is likely 
to govern the behaviour with regards to SSI. As the vertical load only results in a vertical deformation, 
the stiffness (in the linear range) can simply be obtained by dividing the load by the obtained 
deformation. 
V
V
K =
δ
 Where V is the vertical load and δ is the deformation    (22) 
In piles, the interaction between the shaft and base friction plays an important role and is dependent 
on the applied load, this will be further discussed when providing impedance functions for the vertical 
stiffness of deep foundations in subsequent sections.  
4.2 Impedance functions for the Lateral Stiffness of Shallow and Deep Foundations (KL, KR, and KLR) 
This section is aimed at deriving closed form expressions for the 3 stiffness terms for suction caissons 
having the typical aspect ratio between 0.5 and 2 (i.e. 0.5<L/D<2) which is based on extensive finite 
element analysis followed by non-linear regression. The use of suction caissons and their advantages 
has already been discussed in the literature review. This work builds upon previous research shown in 
(Shadlou & Bhattacharya, 2016) which presented impedance functions for rigid deep foundations in 
homogeneous, parabolic, and linear ground profiles. It is also reminded that the driving parameter for 
assuming a rigid type of foundation are: the aspect ratio (L/D), the soil stiffness at one diameter below 
the ground (ESO) and the Poisson’s ratio of the soil (υs) and are the same variables used to find the 
impedances in this study. 
4.2.1 Numerical Modelling 
Finite element method PLAXIS 3D has been used in this study where the soil is modelled as linear 
elastic material since only the stiffness at small strains is required. This assumption is valid as the 
natural frequency is concerned with very small amplitude of vibrations and the prediction of the initial 
stiffness would suffice (Arany, et al., 2017). Similarly studies on the dynamic stiffness by Shadlou & 
Bhattacharya, (2016) regarding rigid deep foundations show that for very low frequency applications 
(such as wind turbines) the static and dynamic stiffness are almost similar and the effect of the forcing 
frequency on the stiffness values can be ignored. Likewise Latini & Zania (2017) reported results on 
the dynamic stiffness of suction caissons and a similar response was noted. Moreover, a “Rigid Body” 
has been set to the foundation where it is not allowed to deform or bend, and only the surrounding 
soil is mobilized. This assumption is also valid especially in soft soils as the caisson has a low aspect 
ratio and also because steel has higher flexural and shear stiffness than soil. The interface between 
the soil and foundation had the same stiffness properties as the surrounding soils and a very fine mesh 
was implemented for enhanced accuracy. As the material model is linear elastic (strength was not 
specified) no slip or gapping between the soil and structure elements was modelled and a rigid contact 
is maintained between them. This assumption was implemented as the main use of the impedance 
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functions is to obtain the Eigen Frequency of the system and so elasticity must be maintained. In 
reality, some gapping may occur between the skirt and surrounding soil, however as the natural 
frequency is concerned with small amplitude vibrations, gapping may be ignored for preliminary 
analysis.  The extent of the soil contour was taken as 20D (D=5.0m) and the depth h (h is the depth of 
the soil stratum) was at least twice that of the foundation. The objective was to ensure the stresses in 
the soil are not affected by the proximity of the translational boundary conditions at the end and 
bottom faces. Previous work presented in Krishnaveni, et al., (2016) modelled the stratum with 5D 
width, whilst Abbas, et al., (2008) used 40D on finite element software to analyse laterally loaded 
piles, which shows a wide gap of possibilities.  PLAXIS 3D also allows the user to define either a 
constant stiffness or stiffness increasing linearly with depth. These two options were utilized to model 
homogenous and linear ground profiles, respectively. For parabolic variation of soil stiffness, the soil 
stratum was discretized with multiple layers where each layer had of depth 0.025h. An initial stiffness 
value and linear slope was input to each layer to represent a parabolic stiffness variation, see Figure 
4.10 and Figure 4.11. As a reminder, homogeneous soils are soils which have a constant stiffness with 
depth such as over-consolidated clays. On the other hand, a linear profile is typical for normally 
consolidated clays (or “Gibson Soil” (Gibson, 1974)) and parabolic behaviour can be used for sandy 
soils. The density assigned to all ground profiles was 18 kN/m3 .To save computational power and 
operational time cost, only half the system was modelled due to symmetry. The software also has the 
capability to model the initial stresses in the stratum and the change in the stress state due to the 
construction sequence where in a linear elastic soil model, the user can change the ko value. In this 
study, the ko value set was the default value of 1. Accordingly, the displacements were set to zero 
prior to application of the loads and values for kL, kR, and kLR were computed using the process shown 
in Section 4.1. 
 
Figure 4.10: Soil Model used to simulate parabolic stiffness variation in PLAXIS 3D 
86 
 
 
Figure 4.11: Stiffness variation with depth 
4.2.2 Methodology Verification and Comparison of Results 
Based on the methodology presented in the Section 4.1.1, results were obtained by plotting 
normalized values for KL, KR, and KLR against L/D for 0.2<L/D<10 where υs=0.2 for homogeneous and 
linear inhomogeneous ground profiles (Figure 4.12). The results are compared with Shadlou & 
Bhattacharya, (2016) impedance functions which in turn were coherent with Basu & Higgins (2011) 
flexibility functions (See Table 2.1 of the Chapter 2 for the functions). Similarly, results for ground 
profiles at Poisson’s ratio υs=0.499 (Simulating undrained conditions also showed good coherence 
with literature and shows the applicability of the extraction method over a practical range of Poisson’s 
ratios. Table 4.4 shows all the cases simulated in the study and used to obtained the impedance 
functions in the subsequent sections. 
Table 4.4: Summary of analysis performed 
Ground Profiles 
ESO 
(MPa) 
L/D   (D=5m) υs 
Homogeneous 
Parabolic 
Inhomogeneous 
Linear 
Inhomogeneous 
 
100 
0.2,0.5,0.75,1,1.5,2,
4,6,8,10 
0.1,0.15,0.2,0.25,0.3,0.35,0.4,0.42,0.44,0.46,0.
499 
Total= 60 Analyses 
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Figure 4.12: Impedance functions for foundations exhibiting rigid behaviour for homogeneous, linear inhomogeneous, and 
parabolic inhomogeneous ground profiles 
Figure 4.12 shows a good match with literature for KL and KLR with most L/D values included in the 
study, specifically L/D>2 (deep foundations), hence available closed form solutions for deep 
foundations can still be applied in that range. Moreover, the coherence between the extracted results 
and literature for L/D>2 justifies the method of extraction, the mesh used, the extent of the boundary 
conditions, and the rigid body assumption applied in the finite element model. It is reminded that both 
the sources of literature shown in Figure 4.12 have also used numerical methods to obtain the 
foundation stiffness values. However, it may be observed that there are some discrepancies in KR 
where differences arise for L/D<2. A closer look is shown in Figure 4.13 where only values of 0.2<L/D<2 
are plotted. 
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Figure 4.13: Rotational impedance functions for 0.5<L/D<2 
From Figure 4.13, the KR value predicted by PLAXIS 3D for foundations of low L/D seems to be stiffer 
than that of the closed form solutions presented by Shadlou & Bhattacharya, (2016). Hence, current 
impedance functions that were intended for deep foundations do not accurately predict the rotational 
stiffness at low aspect ratios, and according to Arany, et al., (2015) the rotational stiffness is one of 
the dominant variables in natural frequency estimation. Thus, due to the differences in KR shown 
above, it is necessary to have a separate impedance set of functions for rigid skirted caissons (L/D <2) 
in order to have enhanced estimates of the natural frequency of a caisson supported OWTs. 
The effect of Poisson’s ratio on stiffness terms was also noted from the FE analysis. Figure 4.14 
presents the effect of Poisson’s ratio on the lateral foundation stiffness in a homogeneous ground 
profile where these results were normalized against υs=0.1. FE analysis shows that the stiffness 
decreases with increasing υs until υs=0.4 and then slightly increases. Moreover, the aspect ratio L/D 
influences the effect of υs, where different reduction values were recorded for L/D=6, 4, and 1 
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respectively.  Previous literature such as Shadlou & Bhattacharya (2016) suggest an absolute value 
function whilst (Gazetas, 1983) and (Doherty, et al., 2005) suggested a linear increase of stiffness with 
Poisson’s ratio. It is also noteworthy to state that the impact of Poisson’s ratio on foundation stiffness 
predicted by this study, Shadlou & Bhattacharya (2016), and Randolph (1981) are lower than Gazetas 
(1983) and Doherty, et al., (2005). In most practical cases, the soil Poisson’s ratio lies between 0.25-
0.5 and according to Figure 4.14 there is a noticeable reduction in the lateral stiffness. Thus, an 
optimized correction factor f (υs) will be introduced for KL, KLR, and KR which depends on both υs and 
L/D. 
 
Figure 4.14: Variation of lateral stiffness kL with Poisson’s ratio νs 
4.2.3 Development of the Impedance Functions and Correction Factors  
A non-linear regression analysis was performed on a normalized set of samples to obtain close form 
solutions. The diameter was kept constant at 5 meters, and the soil stiffness was set as 100 MPa at 5 
meters depth (1 Diameter depth) as shown in Figure 4.11. Then the change of KL, KR, and KLR with 
increasing L (L values include 2.5m ,5m ,7.5m, and 10m) and υs (0.1 to 0.49) was plotted. First, a new 
correction due to Poisson’s ratio will be presented that can be applied for 0.5<L/D<6. The reason for 
this study was performed up to L/D=6 is to clarify how the Poisson ratio affects the stiffness values at 
different ranges of embedded foundations. Hence, Figure 4.14 shows that the Poisson ratio correction 
function f(υs) extracted from the finite element analysis is not only a function of the Poisson’s ratio 
itself, but also a function of L/D, which has not been previously addressed in literature (where the 
correction factors are only dependent on the magnitude of υs). Thus, revised correction factors f(υs)  
dependent on both υs and  L/D are required. From Figure 4.14, it is clear that the best fit function 
would be a polynomial in the form of ( ) 2s 0 s 1 s 2f υ =a υ -a υ +a  and the values for a0, a1, and a2 for L/D=1, 4, 
and 6 were obtained and normalized against L/D = 6. The values for L/D=6 are a0=1.1017, a1=-0.6964, 
a2= 1.0599. Figure 4.15 shows the normalized values a0, a1, and a2. It is evident that a0 is the only 
parameter that is affected by L/D and is also best fitted by a 2nd order polynomial function. Hence the 
correction due to Poisson’s ratio can be summarized as shown in Eq.23. 
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( ) 2s s sf υ =1.1017αυ -0.6964υ +1.0599      (23a) 
Where 
2
L L
α=-0.0048 +0.0962 +0.5941
D D
   
   
        (23b) 
This can be further simplified to  
( ) 2s s s
L
f υ =1.1× 0.096 +0.6 υ -0.7υ +1.06
D
  
  
       (23c) 
Thus, according to Eq.23c, f(υs) is affected by both L/D and υs. It must be noted that the same 
methodology was repeated for KL, KR, and KLR in parabolic and linear inhomogeneous ground profiles 
where the f (υs) formulation obtained in each case was very similar to the one presented in equation 
23c. For instance, Figure 4.16 shows how similar values of a0 were obtained for the three stiffness 
terms. Moreover, there was no noticeable change when the formula was also used for lower aspect 
ratios of L/D<1. 
 
Figure 4.15: Variation of a0,a1, and a2 with L/D 
 
Figure 4.16: Variation of a0 for kL kLR and kR 
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4.2.4 Proposed Impedance Functions for Rigid Skirted Caissons 
The normalized values of 
( )
L
SO s
K
RE f υ
 , 
( )
LR
2
SO s
K
R E f υ
, 
( )
R
3
SO s
K
R E f υ
 were computed and plotted 
against L/D for all ground profiles. Consequently, best fit power functions were derived using a 
spreadsheet program. One may note that previous literature has also used power functions and the 
R2 values presented show that it is still applicable for shallow rigid caissons. For brevity, Figure 4.17 
only plots results for the homogeneous ground profile. It is reminded that ESO  is the soil Young’s 
modulus at 1 diameter (D) depth (Figure 4.2).   
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Figure 4.17: Best fit curves for impedance functions 
 
It is important to clarify that the best-fit formulations in Figure 4.17 show a very good correlations 
with the results as they are based on the numerical analysis results shown in Table 4.4. In other words, 
each curve is based on data for L/D 0.5,1,1.5, and 2.  Table 4.5 provides the impedance functions for 
Rigid Skirted Caissons for 0.5<L/D<2 in 3 ground profiles. For practicality, the values were presented 
in terms of foundation diameter D 
 
Table 4.5: Impedance functions for shallow skirted foundations exhibiting rigid behaviour 0.5<L/D<2 
Ground profile ( )
L
SO s
K
DE f υ
 
( )
LR
2
SO s
K
D E f υ
 
( )
R
3
SO s
K
D E f υ
 
Homogeneous 
0.56
L
2.91
D
 
 
 
 
1.47
L
-1.87
D
 
 
 
 
1.92
L
2.7
D
 
 
 
 
Parabolic 
0.96
L
2.7
D
 
 
 
 
1.89
L
-1.99
D
 
 
 
 
2.44
L
2.54
D
 
 
 
 
Linear 
1.33
L
2.53
D
 
 
 
 
2.29
L
-2.02
D
 
 
 
 
2.9
L
2.46
D
 
 
 
 
( ) 2s s s
L
f υ =1.1× 0.096 +0.6 υ -0.7υ +1.06
D
  
  
  
 
As stated above there is a close similarity for KL and KLR values and the difference between KR values 
which have higher multipliers for the caisson when compared to deep foundations, as shown when 
comparing KR values in Table 4.5 and Table 2.1 of the literature review chapter, or clearly shown in 
Figure 4.17.  
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4.2.5 Validation and Verification  
The impedance functions provided in Table 4.5 were then used to calculate KL, KR, and KLR for the cases 
simulated using PLAXIS 3D. The highest recorded percentage difference was 10%. In the context of 
natural frequency estimation, this error will only lead to 2-3% error in prediction of the natural 
frequency following the same method shown in the example in Section 4.1.1.2. The results were also 
checked against the coefficients provided for rigid caissons by Doherty, et al., (2005) and summarized 
in Table 4.6 and Table 4.7. To allow for the comparison, it may be noted that the results presented 
have been normalized against GSO which is the shear modulus at depth of D/2 as laid out in Doherty, 
et al., (2005). 
Table 4.6: Comparison of kL (Lateral Stiffness) values with (Doherty, et al., 2005) at two Poisson’s ratios  
Case 
υs=0.2 
L
SO
K
RG
 
(Doherty, et al., 
2005) 
L
SO
K
RG
 
(Proposed 
method) 
υs=0.4999 
L
SO
K
RG
(Doherty 
et al., 
2005) 
L
SO
K
RG
 
(Proposed 
method) 
L/D=0.5 
Homogeneous 
9.09 9.08 10.95 10.64 
L/D=0.5 Linear 10.55 9.20 13.07 10.80 
L/D=2 
Homoeneous 
18.04 19.87 22.61 24.41 
L/D=2 Linear 61.21 58.55 82.21 71.05 
 
Table 4.7: Comparison of kR (Rotational Stiffness) values with (Doherty, et al., 2005) at two Poisson’s ratios 
Case 
υs=0.2 
R
3
SO
K
R G
 
(Doherty, et 
al., 2005) 
R
3
SO
K
R G
 
(Proposed 
method) 
υs=0.4999 
R
3
SO
K
R G
 
(Doherty 
et al., 
2005) 
R
3
SO
K
R G
 
(Proposed 
method) 
L/D=0.5 
Homogeneous 
16.77 13.1 20.06 15.21 
L/D=0.5 Linear 17.15 12.01 21.99 14.05 
L/D=2 
Homogeneous 
201.6 187.41 267.3 227.64 
L/D=2 Linear 774 673.7 1093.5 818.24 
 
The following can be concluded from the analysis: (a) The proposed method showed good agreement 
with Shadlou & Bhattacharya (2016) for L/D>2; (b) The closed form solution resulted in an acceptable 
level of error when compared to the original results from PLAXIS 3D, showing that the power function 
and Poisson’s ratio corrections are acceptable; (c) The results showed good correlation with tabular 
co-efficients provided by Doherty, et al., (2005) for a wide range of Poisson’s ratios. It may be noted 
that the difference in results is higher when a linear soil profile is considered. Moreover, the tabular 
results of Doherty, et al., (2005) always show an increase in stiffness at low L/D ratios, whilst the closed 
form solutions show a decrease in stiffness at low aspect ratios when comparing homogeneous and 
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linear ground profiles. It may be then concluded that the closed form solutions are applicable for a 
wide range of Poisson’s ratios. 
4.3 Impedance Functions for the Vertical Stiffness of Shallow and Deep foundations (KV) 
The same process was repeated to achieve the vertical stiffness of the foundations with aspect ratio 
0.5<L/D<2. This was done as a step to overcome the gap in literature to provide updated spring 
stiffness values in the 3 ground profiles.  As it will be shown in subsequent chapters, the vertical 
stiffness of shallow foundations (which in turn is inherently lower than the vertical stiffness of piles) 
plays an important role in the dynamic performance of jackets supported on suction jackets therefore 
it is crucial to have an accurate method to predict it. Formulations for piles have also been achieved 
and compared to literature. In a similar manner, PLAXIS 3D was utilized to obtain the vertical stiffness 
of the rigid caissons in homogeneous, linear, and parabolic ground profiles. The same numerical 
modelling assumptions were applied as explained in Section 4.2.1 with the exception that the load 
and displacements recorded were applied in the vertical direction. It is important to note that recent 
work by Bordón et al., (2019) showed that the interaction between jacket suction caissons does not 
play a major role in the natural frequency calculations for typical spacings greater than 10m. This is a 
reason why the spacing between the caissons were neglected in this thesis.  
4.3.1: Methodology Verification and Comparison of Results  
The normalized values for KV are plotted against L/D for 0.2<L/D<2 for homogeneous profiles at two 
Poisson’s ratios (0.2 and 0.499). The results are then compared to the solutions provided by Wolf & 
Deeks (2004) and the (DNVGL-RP-C212, 2017) which are in turn based on the work of Gazetas (1983). 
As shown in Figure 4.18, for both Poisson’s ratio, the results show a good coherence with existing 
solutions which again just justifies the method of extraction, the mesh used, the extent of the 
boundary conditions, and the rigid body assumption applied in the finite element model. Thus, the 
same process was repeated for parabolic and linear ground profiles. 
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Figure 4.18: Vertical impedance functions for rigid caissons in homogeneous ground profiles 
In a similar manner to the lateral stiffness, the Poisson’s ratio effects were also recorded and plotted 
in Figure 4.19. The effect of the Poisson’s ratio on the vertical stiffness also showed dependency on 
the aspect ratio L/D. In the presented aspect ratios, there is a slight reduction in stiffness with υs 
followed by an increase when reaching undrained conditions (υs >0.4). This increase however is 
considerably lower than the Poisson’s ratio effect provided in Wolf & Deeks (2004) which is 
represented through an inverse function. Thus, an additional formulation for the Poisson’s ratio 
correction needs to be formulated for the vertical stiffness solutions.  
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Figure 4.19: Variation of vertical stiffness with Poisson’s ratio νs 
4.3.2 Development of Impedance Functions and Correction Factors  
Another set of nonlinear regression analysis was performed on a normalized set of samples to obtain 
the closed form solutions. A diameter of 5m was also used and the soil stiffness at 1m depth was set 
as 100 (MPa), refer to Figure 4.11. In this case, the best fit curve for the Poisson’s ratio correction was 
a cubic function in the form of ( ) 3 2s 0 s 1 s 2 s 3f υ =a υ -a υ +a υ +a . The values of the coefficients a0, a2,a2, and 
a3 for L/D=0.5,0.75,1,1.5, and 2 were obtained and normalized at L/D=0.5. The coefficients for L/D=0.5 
are a0=10.028, a1=-5.8814, a2=0.9092, and a3=0.96. Figure 4.20 shows the normalized values for 
a0,a1,a2, and a3. From the Figure, it is evident that a0 and a1 follow a similar trend and where given the 
same logarithmic function whilst a2 followed a different trend and was given another logarithmic 
function. Finally, a constant value of 1 was given for a3.    
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Figure 4.20: Variation of the polynomial coefficients with L/D 
Hence, the Poisson’s ratio correction may be summarized using Eq.24 
( ) ( )3 2s s s s
L L
f υ = 10υ -5.88υ -0.34ln +0.77 +0.91υ -0.57ln +0.6 +1
D D
    
    
    
  (24) 
Therefore, what this best-fit equation does is that it shows that firstly the Poisson’s ratio correction 
firstly adjusts to the aspect ratio L/D and then to the actual value of the Poisson’s ratio υs. 
It may be noted that the same methodology was repeated in parabolic and linear inhomogeneous 
ground profiles where the f(υs) obtained was in close proximity to the one shown in Eq.24. Similarly, 
a few trials on higher aspect ratios (L/D>2) showed no noticeable change in the formulations.  
The normalized values of 
( )
V
SO s
K
DE f υ
 were then computed and plotted against L/D for all ground 
profiles. Consequently, a best fit curve was then applied which was also selected as the power 
function. In this case, even though previous literature did not specifically use power functions for 
impedance functions of shallow caissons, they still perform accurately for the rigid caissons as the R2 
values are appropriate as shown in Figure 4.21. 
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Figure 4.21: Best fit curves for impedance functions 
The solutions are summarized in Table 4.8. 
Table 4.8: Vertical stiffness for shallow skirted foundations exhibiting rigid behaviour 
Ground profile ( )
V
SO s
K
DE f υ
 
Homogeneous 
0.52
L
2.31
D
 
 
 
 
Parabolic 
0.96
L
2.16
D
 
 
 
 
Linear 
1.28
L
2.37
D
 
 
 
 
 
( ) ( )3 2s s s s
L L
f υ = 10υ -5.88υ -0.34ln +0.77 +0.91υ -0.57ln +0.6 +1
D D
    
    
    
 
4.3.3 Discussion and Validation of the Results 
The impedance functions provided in Table 4.8 were used to calculate KV for the simulated cases and 
the highest recorded percentage was also 10%. The results are also checked against the coefficients 
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provided by Doherty, et al., (2005) and summarized in Table 4.9. As shown in the table, the results 
generally show a good match with the obtained results. Slight discrepancies exist at the higher Poisson 
ratio, and this is explained by the difference in the Poisson’s ratio correction between the proposed 
method and existing literature. However, it may also be concluded that the proposed solutions are 
applicable for a wide range of Poisson’s ratios and will be used in subsequent chapters of this thesis.   
Table 4.9: Comparison of vertical stiffness with (Doherty, et al., 2005) at  υs=0.2 and  υs=0.499 
Case 
υs=0.2 
V
SO
K
DE
 
(Doherty, et 
al., 2005) 
V
SO
K
DE
 
(Proposed 
method) 
υs=0.4999 
V
SO
K
DE
(Doherty 
et al., 
2005) 
V
SO
K
DE
 
(Proposed 
method) 
L/D=0.5 
Homogeneous 
1.61 1.65 1.81 1.98 
L/D=0.5 Linear 1.38 1.00 2.10 1.199 
L/D=2 
Homogeneous 
3.29 3.146 2.86 3.21 
L/D=2 Linear 6.72 5.47 7.60 5.58 
 
4.4 Impedances of Vertical Stiffness of Piles 
Piles usually have a much higher vertical stiffness than caissons and are less critical to the dynamic 
analysis of jackets. However, it is still important to obtain an accurate estimate in order to provide the 
correct diameter and length required to achieve the SLS and natural frequency design criteria. Table 
2.3 from the literature review chapter provides a summary of the vertical stiffness of deep foundations 
which are derived from the elastic vertical deformation curves. From the table, specifically in the 
Fleming, et al., (1992) it is shown that both the skin friction and the end bearing contribute to the 
stiffness of the piles and is also dependent on the load level. Lower loads mobilize the shaft friction 
whilst higher loads also mobilize the end bearing which shown using Eq.47 in the literature review and 
the discussion revolving around it. Under low amplitude vibrations on OWTs, it is expected that only 
the shaft friction will be mobilized for which is also provided by Fleming, et al., (1992) as shown in 
Eq.25  
__
p s
v
2πL G
k =
ζ
    (25)   
Where
__
sG is the average shear modulus ,   is between 3 and 5 and an average value of 4 has been 
suggested by Baguelin & Frank (1979). Using PLAXIS 3D, the models used in Sections 4.3 were 
extended to include L/D=4,6,8, and 10 in homogeneous and linear ground profiles and the results 
were plotted in Figure 4.22. These stiffness values have been obtained by applying a relatively small 
load (10kN) such that most of the load is carried by the shaft. It can be seen that at higher L/D ratios 
(which are typical of offshore jacket piles), the formulation in Eq.25 for shaft friction correlates well 
with the results obtained from PLAXIS 3D for both Linear and Homogeneous ground profiles. 
Consequently, the solutions provided by Fleming, et al., (1992) will be used to define the stiffness 
when assessing the dynamic performance jacket supported OWTs. 
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Figure 4.22: Vertical Impedances for piles 
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4.5 Applicability of Solutions in Multi-Layered Soils  
The provided ground profiles can then be used to simulate complex stratigraphy which are typical of 
offshore soils. For instance, taking the ground profile of Horns Rev, it can be simulated using either a 
homogeneous, parabolic, or linear ground profiles as shown in Figure 4.23. From the figure, it is clear 
that a homogeneous idealization seems most suitable. 
 
Figure 4.23: Ground profile idealization of Horns Rev 
Using the solutions for piles in homogeneous which is considered to be the “best-fit” curve considering 
this specific ground profiles. As previously stated in this chapter sandy profiles usually (not always) 
follow a parabolic ground profile, however due to the high stiffness of the layers in this stratum a 
homogeneous idealization is evidently more suitable. The flexibility of the foundations was calculated 
to be CLxCR=0.81, which means that the natural frequency reduction (CLxCR) is similar to the one 
obtained in Section 4.1.1.2 which was calculated to be 0.89. This shows that there is a slight error in 
the idealization but also shows the effectiveness of the provided impedance functions in the absence 
of finite element software. An additional check was conducted by performing a dynamic analysis on 
PLAXIS 3D. The dynamic analysis was run on PLAXIS 3D using linear elastic soil properties and by 
providing viscous boundary conditions. The lumped mass was given a small perturbation at RNA level 
and then allowed to vibrate freely for 20 seconds, refer to Figure 4.24 . The viscous boundary 
conditions does not allow any waves due to the vibration to reflect back to the structure. The natural 
frequency is then obtained from the period of the free vibration of the Lumped RNA in the model. The 
natural frequency obtained was 0.344 Hz which is similar to the previous solved examples which 
increases the level of confidence in the natural frequency solutions and the homogeneous idealization 
performed in this section. Clearly there would be other cases of complex ground profiles which for 
instance contain a high content of chalk or organic material, so using the presented idealisation would 
not be accurate. In such cases standard and advanced methods have to be used. In the next chapters, 
solutions for the dynamic soil-structure interaction are going to be derived which utilize the 
impedance functions presented in this chapter. It is important to note that methodology and 
developed formulations have only been verified numerically with other sources of literature. To 
validate the results, scaled model tests are required to check firstly if the trends are similar to the ones 
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obtain in relation to the aspect ratio of the foundations and the ground stiffness. Of course, the actual 
ground stiffness is difficult to simulate without centrifuge testing. This expensive and only available at 
certain institutions and would should be utilized after the trends have been obtained from scaled 
tests. Both the scaled and centrifuge tests can be set as future work to further enhance the work. 
 
Figure 4.24: Dynamic analysis in PLAXIS 3D 
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Chapter 5: Practical Methods to Predict the 
Eigen Frequencies of OWTs Supported on 
Multiple Foundations 
Synopsis 
The originality of the chapter lies in the derivation mass and stiffness matrices of jacket supported on 
multiple foundations for both a complex 3D vibration and simplified 2D vibrations. These derivations 
were performed by the author using the Euler-Lagrange method with the assistance and checking of 
Dr. Nicholas Alexander from the University of Bristol. After completing the derivations, the author 
used these to suggest a new design criterion, namely, to check whether the overall structure rocks or 
not. Finally, the author also utilized these solutions to provide rules of thumb and recommendations 
on the main non-dimensional groups affecting the design.  
This chapter of the thesis is loosely based on the following publications: 
Jalbi, S., Nikitas, G., Bhattacharya, S., and Alexander, N., 2019. Dynamic design considerations for 
offshore wind turbine jackets supported on multiple foundations. Marine Structures. 67, p.102631 
5.0 Introduction 
The importance of the dynamic performance of OWTs incorporating SSI been previously discussed in 
Sections 2.4 and 2.7 of the literature review and can be briefly summarised as follows: 
• The modes of vibration for monopile supported wind turbines, or for that matter any foundation 
supported on piles, will be sway bending as the foundation is very stiff compared to the tower. 
For the corresponding jacket supported wind turbines on shallow foundations, the first modes 
of vibration is most likely to be rocking due to the relatively lower vertical stiffness of shallow 
foundations which highlights the importance of understand the stiffness of different types of 
foundations.  
• The natural frequency of both monopile and jacket supported OWTs changes after applying a 
certain number of cycles due to a change in the soil stiffness. 
• For symmetric multiple foundations (caissons), the two initial peaks merge into one peak after 
a certain number of cycles, whilst for asymmetric foundations two peaks are always observed. 
These peaks are also indicative of rocking vibrations. 
• Having two peaks might have an effect on the fatigue life of the structure where fitting two 
peaks in a narrow band proves to be difficult. 
Building upon the impedance functions of the previous chapter, the objectives of this chapter are the 
following: 
• Develop and validate an analytical solution to study the vibration of offshore wind turbine 
jackets supported on shallow foundations. 
• Highlight the importance of avoiding rocking type of foundations by learning lessons for an 
equivalent problems in other engineering industries.  
• Compare the outcome of the scaled model tests with the proposed method. This is done for both 
symmetric and asymmetric foundations. 
106 
 
• To find out the mechanics based non-dimensional groups that can characterise the different 
vibration modes of the system and identify the controlling parameters affecting the vibration 
modes. 
• Provide practical examples and provide a comparison with the Finite Element Method 
5.1 Ground Resonance of Helicopters & OWT Supported on Shallow Foundations 
One of the aims of this Chapter is to highlight the importance of avoiding rocking type vibrations for 
wind turbine support structures by learning lessons from an equivalent problem in the aerospace 
engineering industry: the helicopter “ground resonance”. OWT jackets supported on shallow 
foundations are a new type of innovation which lack a track record of dynamic and long-term 
performance. For this reason, it is important to observe dynamically similar engineering problems and 
of close similarity is ground resonance in helicopters.  Figure 5.1 shows still photographs from the 
well-known problem (video can be accessed via this link). Effectively, due to the imbalance in the 
helicopter rotor, the induced oscillations get in phase with the rocking frequency of the helicopter on 
its landing gears. This leads to collapse and the experiment is schematically shown in Figure 5.2. 
 
Figure 5.1: Ground resonance of a helicopter 
 
Figure 5.2: Rocking motion of a helicopter getting tuned with the RPM of the helicopter rotor 
 
 
 
(a) 
(b) 
(c) (d) 
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Figure 5.3: Similarities between a helicopter and offshore wind turbine 
The helicopter starts rocking about the two landing pads (skids) until the stresses induced through 
resonance exceed the strength of the materials and connections causing failure. There are many 
similarities between these two systems: both have a structural beam carrying a heavy rotating mass 
resting on multiple supports, see Figure 5.3. Mathematically, the mass and the stiffness matrices in a 
dynamic formulation will be similar. The structures in both systems will rock and there is considerable 
amount of energy in these modes of vibration. However, the main difference is the plane of rotation 
of the rotors and the rotor speed. Moreover, it is interesting to note how the target frequency in the 
soft-stiff frequency is shifting with turbine size. For instance, a Vestas 8MW OWT has a soft-stiff 
frequency band of 0.2-0.24 Hz which is very close to the predominant North Sea frequency of 0.1 Hz. 
This is even more challenging for Chinese wind farms as the predominant wave frequency for Bohai 
and Yellow Sea is 0.2 Hz. Thus, even though the amplitude of the 1P and 3P excitations are relatively 
low, wave loads (which also have a close forcing frequency) have a considerably higher energy 
content. This higher energy content in combination with a low vertical stiffness will induce a rocking 
type vibration, and though this rocking might not have ultimate failure effects as in the case of the 
helicopter, it may have further implications on the fatigue performance of the structure and opens 
the door to further research needed in this area which needs to be studied in accordance with the 
correct energy content of the loads and the incorporation of damping.   
Thus, the objective in this study is to learn from other engineering disciplines given that wind turbine 
jackets supported on suction caissons are new structures with no track record. As the motion under 
consideration is rocking, the vertical stiffness of the supports is a governing parameter. For a jacket 
structure, at the onset the vertical stiffness may not be identical and therefore they are shown as K1 
and K2. It is clear that resonance must be avoided and this emphasizes the importance of 
understanding the subtle aspects of the dynamic behaviour of jacket supported wind turbines only in 
relation to FLS (Fatigue Limit State) and SLS (Serviceability Limit State) but also from the point of view 
of monitoring and O & M (Operation and Maintenance).   
The dynamic performance of jacket supported OWTs incorporating soil structure interaction (SSI) is 
currently under research. The dynamic response under different types of wave loads have been 
studied by Wei, et al., (2017) where the dynamic amplification factors (DAFs) for regular and irregular 
waves using the finite element method on a fixed base jacket. The study shows that depending on the 
wave amplitude and period, the DAF may reach values of 1.2-1.3 which is significant given the 
magnitude of wave loads. Studies by Dong, et al., (2011) also modelled OWT jackets on a fixed base 
and assessed the fatigue damage on different types of welded joints. It was concluded that the 
interaction of both wind and wave loads have to be considered when assessing the fatigue damage 
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with wind loads providing the dominant contribution to the cumulative damage. Moreover, numerical 
studies by Abhinav & Saha (2015) show the importance of incorporating the flexibility of the 
foundation in understanding the modes of vibration of the system and when predicting the structural 
response under numerous loads. The SSI effect was introduced through distributed springs along the 
depth of the foundation. Similarly, Abhinav & Saha (2018) studied the effect of non-linearity of the 
ground profiles in loose sands, medium sands, and dense sands and concluded that the effect of SSI 
becomes predominant in looser sands. Other work by Shi, et al., (2018) showed, through numerical 
analysis, that incorporating SSI effects alters the natural frequency and the dynamic response of the 
leg and bracing members. Moreover, the study also showed that incorporating pile group effects has 
a noticeable effect on the fatigue analysis of the structure. The literature above builds upon previous 
work on SSI effects on jackets supporting oil and gas decks/platforms where Mostafa & El Naggar, 
(2004) also performed a numerical study on a jacket supported on piles and showed that SSI reduces 
the natural period with an emphasis on the effect of the top soil layers on the frequency and Elshafey, 
et al., (2009) performed a scaled model tests showing the importance of SSI in predicting the response 
of offshore jackets to random loads.  
As mentioned above, rocking modes of vibration will have a lower frequency which may be close to 
the wave frequency given the wave will have a higher energy of excitation. It is therefore advisable to 
avoid rocking modes for jackets supported on shallow foundations. Judging from the literature above, 
a better understanding of the modes of vibration of the system is crucial for the dynamic analysis and 
assessing the fatigue life of the structure. The next section derives an analytical expression for rocking 
modes of vibration for OWT jacket supported on shallow foundations. Another mode worth exploring 
is the torsional mode of vibration and its effects on the overall performance of the system, however 
this was not further elaborated on in this thesis. 
5.2 Analytical Solution for Rocking Modes of Vibration for OWT Jacket Supported on Shallow 
Foundations  
5.2.1 Static Equations of Equilibrium  
The vibration of such a complex system is a 3-dimensional problem where oscillations may occur over 
coupled planes depending on the locations of the centre of mass and centre of stiffness of the 
foundations. The complex geometry of the system can be replaced by a set of idealisations where the 
foundations (suction caissons) can be modelled as linear vertical springs. The bottom arrangement of 
the seabed frame can be modelled by a rigid base/plane with a lumped mass mf, whilst the 
superstructure (the jacket and the turbine tower) can be modelled as an equivalent beam with a 
lumped mass mt representing the accelerating mass of the jacket, tower, and the RNA. A schematic is 
provided in Figure 5.4 and further described in Table 5.1 . In this Chapter mt has been computed with 
the assistance of FE package, however a detailed methodology on how to numerically calculate mt 
(and how to lump it on the tower tip) using simple spreadsheet programs is derived in Chapter 6.  
Table 5.1: Nomenclature of reduced order model  
Parameter Description 
Kv1,Kv2,Kv3, and Kv4 
Denotes the vertical spring stiffness of the foundations which can be 
computed using the solutions provided in Chapter 4. This idealization 
assumes equivalent axial stiffness of the foundations in both the push-in and 
pull-out directions. In reality, the stiffness is non-isotropic and slight 
differences in stiffness are expected. 
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kx and ky 
kx and ky represent the bending stiffness of the tower in the x and y directions. 
For jacket supported OWTs kx and ky are the stiffness values for the tower-
jacket system. 
h Structure height 
mt 
Represents the lumped mass the tower tip. This is composed of the rotor-
nacelle assembly and the accelerating mass of the tower. 
mf 
mf is the lumped mass of the foundation and base frame. This may also 
include the soil mass which is difficult to quantify (The amount of soil mass 
participating in the vibration). This chapter will show that in practical terms, 
an accurate estimate of the foundation mass is not detrimental to the natural 
frequency. 
ux  and uy The total deformation of the lumped mass mt in the x and y directions 
ϴx and ϴy The rotation of the foundation due to foundation roll 
CM and CS The centre of mass and centre of stiffness of the foundation 
Fx,Fy, and Fz External forces applied at the lumped mass level 
xc and yc Coordinates of the centre of mass of the base (foundation) 
 
 
 
Figure 5.4: Reduced order model of the system 
It may be realised that this method assumes the presence of translational restraints in the lateral 
direction at foundation level and only the vertical stiffness is considered due to the load transfer 
mechanism. It is expected that the inherent lateral stiffness of the foundation will be sufficient such 
that the value of the vertical stiffness will govern the first natural frequency. This will be clearly shown 
in Chapter 6 where the current idealisation of the foundations gives a close match with literature 
which utilized p-y and t-z springs for the foundations. Ideally, if one requires a refined analysis, this 
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can be modelled by adding lateral springs (KL) in addition to the vertical springs (KV). Thus, after the 
selection of a certain foundation size using the proposed method (which only included vertical springs) 
designers are encouraged to further refine structural models to include the lateral stiffness at the 
foundation level rather than a lateral restraint. This will be further discussed in Chapter 6. 
The mass and stiffness matrices were assembled using Euler Lagrange’s equations of potential and 
kinetic energy following the work of (Bhattacharya, et al., 2009) (Alexander, 2010) (Adhikari & 
Bhattacharya, 2011) (Adhikari & Bhattacharya, 2012). The Lagrange’s formula is shown in Eq.1 
( )i
i i i
d T T U
p
dt q q q
  
− + =
  
 where i represents the degrees of freedom     (1) 
The potential energy, including internal and external work done of the system is given by the following  
( ) ( ) ( ) ( )
2 221 1 1
2 2 2
1
, 0,0
n
i f i i x x y y y x x x y y z f
i
U k u x y k u h k u h F u F u F u 
=
= + − + − − − −  (2) 
The second and third terms in Eq.2 are the energy due to bending in the tower in the x and y directions 
(where kx and ky are the flexural stiffness values of the tower in the x and y directions). It is important 
to note that in these terms there is a small deflection theory assumption such that tanϴ=ϴ which is 
consistent with the serviceability limit state. The final terms are due to the work done by the external 
forces at the nacelle level. The first term of Eq.2 is the work done by the caissons (where ki is the 
vertical stiffness of the ith caisson). The foundation is assumed to rigidly rock and pitch about the x and 
y-axes, thus  
( ) 0 1 3,f
x y
u x y q q q
h h
= + +            (3) 
Where the foundation displacements uf(x,y) are planar. Note that the coefficients q0,q1, and q3 of this 
plane have a dimension of length which is due to the coordinates being scaled by h which is the height 
of the tower. These coefficients q0,q1, and q3 will become system degrees of freedom and so the sway 
degrees of freedom (dofs) ux and uy are renamed as follows: 
2 4,x yq u q u= =            (4) 
Which confirms that the system dofs are all in dimensions of length. The potential energy in Eq.2 can 
be re-written in terms of these dofs noting that 3x fu y q h =   =  and 1y fu x q h =   =  
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Where (xi,yi) are the coordinates of the ith caisson. The static equilibrium of the Euler-Lagrange 
equations is given by 0iU q  = , thus  
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Which can be expressed in matrix form as follows.  
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As shown in Eq.12, a partition can be introduced which uncoupling the displacements in the xz plane 
from those in the yz plane under certain circumstances.  This may happen if the first moment of 
caisson stiffness values 0i ik y =  and product moment of caisson stiffness values 0i i ik x y = . It 
will be shown in subsequent sections that symmetrical shaped arrangements with identical spring 
stiffness values achieve the aforementioned conditions.  
5.2.2 Dynamic Equations of Motion 
The kinetic energy of the system (T) is computed using Eq.13 
( ) ( ) ( )  ( ) 2 2 2 22 2 2 21 12 2, , , 0,0f f c c x x c c y y c c t x y fT m u x y r x y r x y m u u u = + + + + +    (13) 
The second term of Eq.13 is the kinetic energy of the tower/nacelle in the x,y, and z directions 
respectively where mt is the lumped mass representative of the RNA, tower, and the jacket. The first 
term of Eq.13 is the vertical and rotational kinetic energy of the caisson components where rx,ry are 
the radii of gyration of the foundation base about the x and y axes as shown in Eq.14.  
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y x
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Therefore, the kinetic energy equation is re-written as 
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     (15) 
The inertia part the Euler-Lagrange equations of motion are given by the following Eq.16-20, hence 
the derivative for all the dofs is calculated as 
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Eq.16-20 above can then be defined in matrix format 
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Condensation of the mass matrix from the 3D case to a 2D case requires xc,yc to be of the same values 
of xi,yi in Eq.12, which means that the centre of mass of the foundation must be located at the 
coordinate origin. Therefore, uncoupling of xz and yz plane oscillations can only occur if the centre of 
stiffness and mass of the foundation system are coincident. That is to say that 2D analysis is only valid 
for this case. 
Hence, the dynamic equation of motion, for this reduces order system, can be stated as follows 
+ =Mq Kq f           (22) 
Hence the 3 natural frequencies are the eigen vector solutions as shown in Eq.23. These can be solved 
using any standard mathematics program.  
   ( )  02 =− uMK    
 KMeig 1−           (23) 
An example of a spreadsheet type approach of the process can be found in Appendix C 
5.2.3 Verification With FEA 
The finite element method is used to verify the mass and stiffness matrices above where the natural 
frequencies of the system will be compared. A seabed frame is provided in Alati, et al., (2014) has 
been used as the bases for comparison, a schematic diagram is shown in Figure 5.5. The frame consists 
of a symmetric triangular base where the foundations are spaced at 43.3m. The frame then consists 
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of a shallow lattice structure which supports the tapered tower. The tower then supports a 5MW wind 
turbine which is shown in Figure 5.6. 
The system was modelled using SAP2000 where beam elements were used to idealise the frame 
members and a lumped mass was used for the RNA. The software automatically computes the 
accelerating mass of the frame and tower members and provides the natural frequency for a different 
number of modes. Using this software, the following were established:  
• kx and ky through applying a unit force at the tip. It may be noted that due to the shape of the 
lattice, kx and ky vary slightly. 
• A modal analysis was run on the software assuming a fixed base (infinite spring stiffness). This 
was done to have a check on the validity of the derivations obtained. 
• In addition, the point above was done to obtain mt using the SDOF equation 
( )
2
2
t
fb
k
m
f
=
.Under fixed base conditions, the foundation does not displace and hence the accelerating mass 
comes from the tower and the RNA, which is what is required.  
Table 5.2 summarizes the parameters obtained from the FE analysis to be used in the Euler Lagrange 
formulations. 
Table 5.2: Summary of parameters obtained from SAP2000  
kx (N/m)  1789579.034 
ky (N/m) 1833852.925  
mt (kg) 420829 
mf (kg) 219121 
h (m) 138.15 
L (m) 43.3 
Turbine tower location At the centre of Mass  
KV1=KV2=KV3=KV4 1E25 (Simulating a fixed base) 
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Figure 5.5: Schematic of seabed frame, redrawn from (Alati, et al., 2014) 
 
 
Figure 5.6: Schematic of foundation base and finite element model 
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The lumped mass of the RNA is already known to be 350,000 kg and what is left to compute is the 
portion of the tower mass to be lumped at the tip.  
A modal analysis was run without the mass of the RNA where the software automatically takes into 
account the distributed mass of the tower. Using this fixed base frequency ffb the contribution of the 
structure to the accelerating mass by: 
( )
2
2
t
fb
k
m
f
= . ffb from SAP is 0.8 Hz and k is kx=178597.034 N/m. 
( )( )
2
1789597.034
708297.32
2 0.8
tm kg

= = , which is the mass of the tower transferred to the tip. Thus the 
total mass at the tip=350000+708297.3268.618=420829kg 
As for the foundations, the foundation sections are 1200 mm diameter and 60 mm wall thickness. 
The length of the members is 43.3 m each 
( )( )22
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0.215
4
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3
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m
= = =  =  
1 2 3 3 73005 219015fm m m m kg kg= + + =  =  
This assumes that the soil mass does not contribute to the overall vibration of the system, this will 
be further discussed in Section 5.3.3. 
Consequently, the centre of mass of the system can be computed as: 
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Finally, the radius of gyration for rigid rods can be calculated as: 
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Note how both radii of gyration are equal in this case and the mass and stiffness matrices can be 
computed. 
By setting the vertical stiffness of the foundations to a very high number, the supports are idealized 
to have a fixed base. Using Eqs.12 and 21, the mass and stiffness matrices were calculated as:  
3 25
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Note: It is interesting to note that due to the symmetry of this foundation arrangement, the vibrations 
in the different planes of vibration can be studied separately. This uncoupling of the vibrations will be 
discussed in detail in subsequent sections of this thesis.  
Using Eq.23, the natural frequency for the first two modes of vibration can then be calculated and 
summarised in Table 5.3. The results from the FEM analysis seem to match well with the proposed 
method and thus validating the mass and stiffness matrices derived using the Euler-Lagrange method. 
Similarly, BLADED was used in Alati, et al., (2014) to calculate the natural frequencies. The results are 
also comparable to the results obtained with slight discrepancies which is due to the fact that BLADED 
has a more accurate representation of the mass and geometrical properties of the RNA rather than 
the lumped mass approach used in the proposed formulations and SAP2000. It is also of interest to 
note the proximity of the first two natural frequencies of each other which is similar to the 2 peaks 
recorded in the scaled modelled tests. This will further be explored in subsequent sections of this 
chapter.  
Table 5.3: Comparison of the first two natural frequencies of a fixed base 
Proposed Method SAP2000 (Alati, et al., 2014) (Bladed) 
f0,1=0.328 Hz f0,1=0.3298 Hz f0,1=0.309 Hz 
f0,2=0.332 Hz f0,2=0.336 Hz f0,2=0.311 Hz 
 
The same methodology was repeated with a low foundation stiffness assuming 
KV1=KV2=KV3=KV4=100000000 N/m and the results are summarised in Table 5.4. Even though the 
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accelerating mass of tower has been calculated based on the fixed based assumption shown above, 
the proposed method still provides an adequate level of accuracy for a low foundation stiffness. The 
reason for this occurrence will be explained in Chapter 6.  
Table 5.4: Comparison of the first two natural frequencies for a low foundation stiffness 
Proposed Method SAP2000 
f0,1=0.281 Hz f0,1=0.277 Hz 
f0,2=0.285 Hz f0,2=0.289 Hz 
 
5.3 Preliminary Non-Dimensional Groups for Design 
The objective in this section is to verify which parameters are most detrimental in terms of affecting 
the value of the natural frequency of the system. This information will be useful as it will provide 
engineers with direction of the parameters that are most important to obtain in the preliminary design 
phase and indicate which parameters need closed form solutions for simplistic designs. This will be 
done by using the proposed method through studying the following: 
• Effect of foundation arrangement (asymmetric vs symmetric). 
• Effect of soil spatial variability. 
•  Effect of aspect ratio. 
• Effect of foundation/soil mass. 
The basis of these studies are the seabed frame shown in Figure 5.5 however there might be a slight 
variations in geometry to suite the proposed studies. 
5.3.1 Effect of Foundation Shape and Soil Spatial Variability 
As previously discussed in the literature review, the variation of foundation stiffness under each 
caisson usually results in 2 closely spaced peaks and may have implications on the fatigue life of the 
structure. There have been previous similar studies in literature about this matter such as single 
gravity foundations and monopiles where Vahdatirad, et al., (2014) explores the reliability of gravity 
based foundations by adopting a lognormal distribution to the soil’s Young’s modulus. Similarly, 
Carswell, et al., (2014) performed a reliability analysis on monopile supported OWTs where the 
foundations were represented by beams on nonlinear Winkler springs and was able to model the  
variation of soil stiffness with depth. In reality, soil stiffness varies both horizontally and vertically in 
different sites presented in Baecher & Christian (2003). Moreover, as discussed in Nikitas, et al., 
(2017), the shear modulus of soils changes under cyclic loads and depends on the number of loading 
cycles. Therefore, it is argued that there is also an aspect of time dependency which makes the 
studying the reliability of the problem a complex task. In this study, a simplified approach is 
implemented where the spring stiffness kv underneath each foundation varies with a certain 
probability distribution and is given a mean μ and a coefficient of variation (COV). The aim of this 
simplified analysis is to provide a preliminary understanding of the response of asymmetric and 
symmetrically shaped foundations under different vertical stiffness of the foundations and the effect 
of soil variability on the response. The results are presented in terms of the ratio of the first two 
frequency peaks (f0,2/f0,1) plotted against the normalized mean vertical stiffness μkv/kt. Based on the 
work of Lee, et al., (1983) a lognormal distribution with a COV of 0.4 is recommended for the 
undrained Young’s Modulus of clays. Since the vertical stiffness of the springs is directly proportional 
to the Young’s Modulus Es, the same distribution and COV has been adopted for kv i.e. each increment 
of the mean vertical stiffness μkv (of each spring) was assigned a COV of 0.4. It is important to note 
that the larger the frequency ratio (f0,2/f0,1), the further away the two peaks are (i.e. the first two 
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modes of rocking vibrations have a larger gap between their values), which increases the susceptibility 
of resonance. This has been done on two types of foundation arrangements as shown in Sections 
5.3.1.1-5.3.1.2. 
5.3.1.1 Asymmetric Foundations 
The base of the seabed frame shown in Figure 5.6 was slightly altered into an asymmetric isosceles 
triangle as shown in Table 5.5. The values of kx,ky  remain the same and  since they are almost equal 
they are named kt which as a reminder is representative of the structural stiffness system (jacket and 
tower). The values of L and mt also remain the same. In this case however, mf will slightly vary due to 
the longer third member which has a length of √2L. 
Table 5.5: Asymmetric triangle with varying foundation stiffness 
Case  
 
Description 
L=43.3 
Lognormal distribution with COV=0.4 for ES 
 
The variation of the ratio of the natural frequencies with the mean stiffness is plotted and shown in 
Figure 5.7. From the figure, the following is noted: 
• Higher peak ratios are observed at lower foundation stiffness values. This is because the 
foundation displaces (accelerates) more than it does in the fixed base case and thus provides a 
higher contribution to the kinetic and potential energy of the system. As kv increases the 
foundation does not displace and only mt has a contribution, thus the two peaks converge into 
one (f0,2/f0,1=1) which is representative of the fixed base tower vibration modes (since the first 
two natural frequencies of the tower vibrating in the xz and yz plane is the same due to the fact 
kx=ky=kt).  
• Soil variability has a higher effect when the foundation stiffness is low (at low kv values), where 
higher fluctuations in the frequency ratio are noticed. Hence, a higher μkv value protects against 
large fluctuations of the natural period due to variability in the soil material properties. In a 
tight forcing frequency band between 1P and 3P this can have crucial effects. 
• Even if the designer wishes to fit two peaks within the 1P/3P band, care should be taken when 
selecting the appropriate foundation sizes. The sizing should also take into account that soil 
stiffness varies with time and number of applied loading cycles. As shown in Figure 5.7, it is 
advisable that the foundation stiffness to be increased as much as economically possible to 
avoid complexities arising from asymmetrical arrangements and to ensure that the variability 
of soil does not greatly affect the design. 
• Concerning the scaled model tests discussed in Section 2.4.1, judging from the above, it seems 
that the ratios of kv/kt during the test were not high enough to achieve tower bending modes 
and rocking modes were tuned over 2 asymmetric planes. These modes caused peaks ranging 
from 1.2-1.5 to be recorded throughout the test which is similar to the ones shown in Figure 
L L 
μkv 
√2L 
μkv μkv 
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5.7. This might be a possible reason explaining why the peaks in the scaled model tests shown 
in Figure 2.14 of Chapter 2 did not converge even after millions of loading cycles.  
 
 
Figure 5.7: Variation o f0,2/f0,1 with foundation stiffness kv/kt for asymmetric foundations 
Note: The spacing between μkv increments were increased at higher values in order to save 
computational time.  
5.3.1.2 Symmetric Foundations 
The effect of soil spatial variability is also studied on symmetrical arrangement shown in Table 5.6. In 
this section, the same foundation base presented in Section 5.2 was utilized. In a similar manner, 
Figure 5.8 shows the variation of the frequency ratio to the vertical stiffness for a symmetric 
foundation. From the figure, the following can be observed: 
• Similarly, lower foundation stiffness values resulted in higher ratio of the frequency peaks, 
however, due to the symmetric arrangement the ratios are considerably lower than those of the 
assymetric case. Moreover, the variability in soil properties did not have a noticable effect on 
the frequency ratios even at low kv. Consequently, symmetric arrangements are much less 
susceptible of resulting in 2 peaks and arguably will have a better fatigue performance than 
asymmetric arrangements. 
• In relation to the scaled model tests shown in Figure 2.13 of Chapter 2, at early stages the soil 
might have had high spatial variability resulting in different kv values in the caissons which 
lead to 2 peaks. As the number of loading cycles increased, the shear modulus of the soil 
stabilizes allowing the frequencies to converge into a single value. This signifies how the use 
of the mass and stiffness matrices provided in Section 5.2 allows engineers to estimate the 
frequency of the system during different stages of a project.  
Table 5.6: Symmetric equilateral triangle with varying foundation stiffness 
Case  
 
μkv 
μkv μkv 
L 
L 
L 
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Description 
L=43.3m 
COV for soil Young’s Modulus and kv = 0.4 
 
 
 
Figure 5.8: Variation o f0,2/f0,1 with foundation stiffness kv/kt for symmetric foundations 
5.3.2 Effect of Foundation Aspect Ratio 
The effect of aspect ratio was studied under different foundation stiffness values. The aspect ratio 
here is defined as the ratio of height to radius of gyration since the radius of gyration is indicative of 
the width of the foundation. The study is done on symmetrical foundation arrangements, as a result 
rx and ry are both denoted with r and the aspect ratio is denoted by h/r. Moreover, to gain a better 
insight, the results were normalised against the frequency at a certain h/r value.  In the example 
seabed frame in Section 5.2, the aspect ratio of the system h/rx=6 (h shown in table and radius of 
gyration calculated in Section 5.2.3), however the natural frequency results in this study were 
normalized against the values at h/r=3 to include more general cases. The normalization was done 
through Eq.24 and the results plotted in Figure 5.9. 
( )
0
0 3
f
hf
r
 =
=
        (24) 
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Figure 5.9: Variation of the natural frequency with radius of gyration for different foundation stiffness values 
Figure 5.9 shows that the effect of aspect ratio is most significant at very low foundation stiffness 
values where kv/kt=1. As the aspect ratio increases (higher towers on foundations with a low moment 
of inertia) the frequency decreases drastically. At higher foundation stiffness values, the aspect ratio 
is no longer a dominant variable, as the system behaves like a tower with a fixed base and so the 
natural frequency does not change with aspect ratio. What is important to deduce from this study, is 
that the effectiveness of changing the aspect ratio on the overall dynamic characterisation of the 
system is heavily dependent on the degree of fixity of the foundations (SSI). Moreover it is crucial to 
note that this is a seabed frame where most of the structural stiffness is provided from the tower and 
thus it is important not to generalize the results of this section to braced jackets where the bottom 
spacing plays an important role even at high foundation stiffness values which will be shown when a 
jacket example is taken later in this chapter.   
5.3.3 Effect of Foundation Mass  
The sections above only take into account the weight of the seabed frame when assessing mf which 
ignores the effect of the soil mass contributing to the free vibration of the system. Estimating the soil 
mass contributing to the overall vibration of the system is somewhat a difficult task. To date there 
does not seem to be a solid theory aiding engineers in predicting the soil mass vibrating along with 
the foundation. Previous work in literature on machine foundations addresses this issue, for instance 
Prakash & Puri, (1988) state that vibration of the mass surrounding the foundation will increase its 
effective mass and reduce the natural frequency of the system. General guidance and formulations 
are provided in Bhattia (2008) and Srinivasulu & Vaidyanathan (1976) in order to give a first order 
prediction of the total mass of the foundation. In this section, the formulations derived in Section 5.2 
will be used to study the effect of foundation mass on the natural frequency of the system. It is 
assumed that the contribution of the soil mass beneath every foundation are equal such that the 
centre of mass of the system does not shift. This study was done for two aspect ratios h/r=3, and 
h/r=6. The results were normalized at the extreme case where mt/mf=100 (practically a massless 
foundation) as shown in Eq.25. 
0
t
0
f
f
ε=
m
f =100
m
 
 
 
         (25)  
Consequently, the change of natural frequency with foundation mass is plotted on Figure 5.10 
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Figure 5.10: Variation of the natural frequency with foundation mass for different foundation stiffness values at h/r=3 
As shown in Figure 5.10, even at moderate foundation stiffness values (kv/kt=10-100), the foundation 
mass did not have any measurable influence on the natural frequency. It is only at very low foundation 
stiffness (kv/kt=1) and when the foundation is 10 to 100 times heavier than the superstructure 
(mt/mf=0.1-0.01 representing cases of a high mobilization of the surrounding soil) that the natural 
frequency decreases. Similar trends where observed when a higher aspect ratio was taken as shown 
in Figure 5.11 
 
Figure 5.11: Variation of the natural frequency with foundation mass for different foundation stiffness values at h/r=6 
Judging from the above, it may be concluded that in practical ranges, an accurate estimate of the 
foundation mass is not required early on in the project to assess the natural frequency of an OWT and 
preliminary estimates can be used in concept designs.  
5.4 2D analysis of the Eigen Solution 
As shown mathematically in Section 5.2, the vibration of such a complex system is a 3D problem where 
oscillations may occur over multiple coupled planes depending on the locations of the centre of mass 
and centre of stiffness of the foundations. Converting the problem from 3D to 2D simplifies it and 
increases the practicality of the derived solution. It is only under certain circumstances, a 3D problem 
can be simplified into 2D, where vibrations in orthogonal planes may be uncoupled and studied 
separately. This is generally true if the centre of mass of the foundation coincides with centre of 
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stiffness and can be applied for different foundation arrangements. Examples of different foundation 
configurations in relation to the centre of mass and centre of stiffness are presented in this section. 
The foundation will vibrate in two principle axes i.e. highest variance of moment of inertia. This 2D 
mechanical model can be applied to both three legged or four legged jackets as shown in Figure 5.12 
to Figure 5.15. For four legged jackets, vibration can occur at X-X’ or Y-Y’ planes as shown in Figure 
5.12 and Figure 5.13. It may be noted that a four-legged jacket on shallow foundations may vibrate in 
diagonal plane of conventional orthogonal plane. Similarly, for three legged jackets, the rocking 
vibration modes will have three axes of symmetry as shown in Figure 5.14 and Figure 5.15. 
 
Figure 5.12: Rocking modes for four legged jackets about the X-X’ and Y-Y’ planes 
 
Figure 5.13: Rocking modes about diagonal planes 
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Figure 5.14: Rocking modes for three legged jackets 
 
Figure 5.15 Planes of symmetry 
 
 
5.4.1 Square Arrangement of the Foundation 
Figure 5.16 shows the plan view of a square arrangement. The foundations are replaced with linear 
springs with identical stiffness “k”. The base members are assumed to be homogenous with the same 
density and cross-section, and since they all have the same length, all members have the same mass 
“m” 
Hence, the centre of mass: 
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Centre of Stiffness: 
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Judging from Eq.26-29, the coordinates of the centre of mass and centre of stiffness coincide which 
means uncoupling of orthogonal directions is permissible in this case. It is interesting to note that if 
one of the “springs” had a different stiffness the centres will not coincide which highlights the 
importance of using the 3D solution of regions of high soil variability.  
 
Figure 5.16: Plan view of square foundation arrangement  
 
 
5.4.2 Symmetric Equilateral Triangular Arrangement of the Foundation 
Similarly, for a symmetric triangle as shown in schematic Figure 5.17, the centre of mass may be 
computed as: 
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And the centre of stiffness as shown in equation A.7 
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In a similar manner to the square foundations, uncoupling may be performed on symmetric triangles 
with identical foundation stiffness. 
 
Figure 5.17: Plan view of a triangular symmetrical foundation arrangement  
 
5.4.3 Asymmetric Isosceles Triangular Arrangement of the Foundation 
Consider the asymmetric triangle shown in Figure 5.18. Retaining the assumption that the members 
of the foundation have the same density and cross-section, the mass of the horizontal member is 2
times the mass of other members due to its length.  
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Figure 5.18: a triangular asymmetrical foundation arrangement 
Centre of mass: 
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Similarly, the centre of stiffness is  
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Judging from Eq.34-37, vibrations across orthogonal planes cannot be assessed independently and a 
3D Lagrange formulation is required. If, however, the mass of the horizontal member is m rather than 
2 m (Due to a smaller cross-section for instance) the centre of mass equation becomes as follows: 
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It is interesting to note that a match is observed in this case and thus decoupling may occur even with 
an asymmetrical arrangement in geometry. It will later be shown that decoupling an asymmetric 
arrangement does not produce a large error for most practical cases.  
5.4.4 2D Euler Lagrange Solution  
It is now possible to obtain a decomposed 2D mass and stiffness matrices of the system. Consider a 
jacket supported on 4 suction caissons as shown in Figure 5.19. In the vibration in the x-x’ plane (or 
y-y’ plane which will be identical in this case), k1 and k2 can be computed using Eq.40-43. 
BA kkk +=1           (40) 
DC kkk +=2           (41) 
For vibrating abut Y-Y’ 
DA kkk +=1           (42) 
CB kkk +=2           (43) 
 
 
 
Figure 5.19: 2D idealization of a 4-legged jacket (a) Plan view of the foundation (b) stiffness and mass idealization of the 
system (c) degrees of freedom of the system 
Using kinematic Eq.44-46 the end displacements of the base (u1 and u2) are related to the small angle 
of rotation ϴ. Eq.46 links the displacement of the tip of the tower with the movement of the base
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Thus, the same method used for the 3D vibrations, the Euler Lagrange Kinetic Energy formulations can 
be defined as: 
2 2 2 21 1 1 1
2 2 2 2
f G G t T t GT m u I mu mu= + + +       (47) 
Where IG is the moment of inertia of the rigid base  
Which can be further simplified to: 
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Further Algebraic simplification:  
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The potential Energy of the System U is given by Eq.48 and is also formed of 3 components: the 
extension in springs k1 and k2, and the bending deformation of the tower with stiffness kt. It is 
important to note that u3 rather uT is used in the potential energy evaluation as only the deformation 
due to kt is evaluated  
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The partial derivatives for the kinetic Energy T in equation 9 are evaluated in Eq.49-51: 
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The Eq. 49, 50, 51 can be written in Matrix format as shown in Eq.52, which is analogous to a mass 
matrix multiplied by an acceleration matrix   
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The derivatives of kinetic energy with respect to translation are zero as shown in Eq.53 
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The partial derivatives for the potential energy U in the equations are evaluated  Eq.54-56 
11
1
uk
u
U
=


          (54) 
22
2
uk
u
U
=


          (55) 
 3
3
uk
u
U
t=


          (56) 
Eq.54-56 can also be written in Matrix format as shown in Eq.57, which is analogous to a stiffness 
matrix multiplied by a translation matrix   
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The equation of motion       0=+ uKuM  where M and K and the natural frequency can now be 
computed using Eq.23.  
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Similarly, if the vibration happens occurs along the diagonal axes, a third spring kG (with a displacement 
uG) is added to the system as shown in Figure 5.20. The potential energy of the system previously 
described in Eq.48 such that it can be recalculated as Eq.58  
 
 
Figure 5.20: 2D vibration about the diagonal plane (a) plan view of the foundation (b) stiffness and mass idealization of the 
system (c) degrees of freedom of the system 
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As per Eq.44, Eq.58 can be simplified as  
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The partial derivatives for the potential energy U in Eq.58 are evaluated in Eq.59-61 
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Similarly, this is written in Matrix format as 


























+
+
=
3
2
1
2
1
00
0
4
1
4
1
0
4
1
4
1
u
u
u
k
kkk
kkk
t
GG
GG
       (62) 
132 
 
Where  
Bkk =1           (63) 
Dkk =1           (64) 
CAG kkk +=           (65) 
 
Moreover, as LL 21 =  The mass matrix can be changed to 
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From the formulations presented, it is clear that different parameters such as the foundation stiffness 
(k1 and k2) and geometrical aspect ratio (h/L) are the main parameters affecting the first mode of 
vibration type of the system. The next section takes a practical example to show the effect of 
influencing parameters. This representation of the influencing dimensions is somewhat clearer than 
that of the 3D solution provided in Sections 5.2 and 5.3. The example is also used to verify the 2D mass 
and stiffness matrices. Furthermore, an example to the spreadsheet approach of the process can be 
found in Appendix C. 
5.5 Non-Dimensional Study of an Example Jacket on Multiple Foundations 
For the purpose of this investigation and verifying the obtained mass and stiffness matrices, the jacket 
loosely based on EU funded project Upwind is considered. Essentially, this is a four-legged jacket 
structure supporting a 5 MW wind turbines in deeper waters and the details can be found in De Vries, 
et al., (2011) and schematically shown in Figure 5.21. The report also shows how different jacket 
arrangements and dimensions can be optimised to obtain a satisfactory design. Other necessary 
information is shown in Table 5.7 and data pertaining to 5 MW reference wind turbine can be found 
in Jonkman, et al., (2009). 
In a similar manner to Section 5.2, SAP2000 fixed based model was also used to confirm the 2D 
analytical solution and to obtain kt and m2. The jacket was constructed using beam elements with 
moment releases at the ends. The tower consisted of a non-prismatic section with a linear variation 
of the moment of inertia. As for the accelerating masses, the mRNA was modelled through a lumped 
mass at the tower top and the program automatically calculates the accelerating mass of the jacket 
and the tower (superstructure) as seen in Figure 5.22. 
133 
 
 
Figure 5.21: Schematic for example problem 
Table 5.7: Jacket and tower properties  
Mass of Rotor-Nacelle Assembly  350 tons 
Tower Height 70.4 m 
Tower Bottom Diameter 6 m  (27 mm thick) 
Tower Top Diameter 3.87 m (20mm thick) 
Jacket Bottom Width 12 m 
Jacket Top Width 8 m 
Jacket Height 70.15 m 
Jacket External Legs 1m (50mm thick) 
Jacket Braces  0.5 m (50 mm thick) 
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Figure 5.22: Typical output from finite element model showing rocking and sway-bending modes of vibration (a) Rocking 
mode of vration for low kv values (b) sway bending moves for high values kv values 
Note: In a 3D analysis, the natural frequencies in the two orthogonal directions will be almost 
identical (See Figure 5.12) if the spring stiffness below each foundation is the same i.e. rocking may 
occur in fore-aft and side to side vibrations of the structure. It is also reminded that wave loads can 
change directions making the structure prone to rocking in both directions 
Figure 5.23 shows a comparison between the analytical model and the finite element analysis. A few 
points may be raised from this Figure  
• From Figure 5.23, it is clear that the analytical solution matches quite well with the finite 
element analysis which demonstrates that the Euler-Lagrange mass and stiffness matrices 
obtained are valid. For low vertical stiffness of the foundation, rocking is the dominant vibration 
mode; see Figure 5.22(a). In addition, as the vertical stiffness of the foundation increases, the 
vibration mode moves to sway-bending. Hence, the corresponding 1st natural frequency 
increases and approaches the fixed base natural frequency.  
• The parameter dictating whether the system vibrates in a rocking or sway bending mode is the 
ratio of foundation vertical stiffness (kV) to superstructure stiffness (kt). At low foundation 
stiffness, the structure is more susceptible to rocking, whilst at higher foundation stiffness 
values sway-bending vibration governs. It is important to note that in the rocking vibration 
region any change in vertical stiffness results in abrupt changes in the frequency of the system. 
Therefore, to avoid rocking, an optimisation of the relative stiffness may be carried out.  
• Rocking modes are at low frequencies and it may interfere with the 1P frequencies of the rotor. 
Using simple geometrical construction as shown in Figure 5.23, one can determine the 
threshold vertical stiffness of the foundation to find the theoretical boundary of two types of 
vibration modes. Below the threshold vertical stiffness of the foundation, rocking modes of 
vibration are dominant. Based on the analysis carried out by Arany, et al., (2016), it is shown 
that most monopile supported wind turbine are close to the fixed base frequency i.e. value of 
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f0/ffb close to 0.9. In the absence of monitoring data of jacket supported on shallow foundations, 
it is suggested to having the vertical stiffness of the foundation such that sway bending mode 
of vibration governs. Further discussion on this characterisation will be discussed in Chapter 6.      
 
Figure 5.23: Variation of the normalised 1st natural frequency with the normalized vertical stiffness  
Further analysis has been carried out to study the effect of aspect ratio h/L. For the simplified 
equivalent model, it is assumed that the stiffness of the superstructure (kt) does not change with an 
increasing aspect ratio (by increasing L and keeping h constant). To verify this assumption, a study was 
performed on the model shown in Figure 5.21 where the bottom width of the jacket was varied and 
the top width was kept constant at 8m. The fixed base natural frequency was then recorded for the 
different cases as shown in Figure 5.24. It may be noted that the fixed based frequency does not 
greatly change with increasing width, which means that the analytical method could be used using a 
constant kt to study the effect of varying aspect ratio. Figure 5.25 shows the similar results for different 
aspect ratios of the jacket. It is clear from the figure that the transition between rocking and sway-
bending mode is also affected by the aspect ratio. As expected, higher aspect ratios (lower foundation 
width) makes the jacket system more susceptible to rocking. Higher h/L value will lead to a lower 
foundation width and will require higher vertical stiffness of the foundation to engineer towards sway-
bending mode. The 2D idealization has enabled a better representation of the aspect ratio (Figure 
5.23) than the complex 3D solution (Figure 5.9) and provided a mean of defining the mode of vibration 
(rocking vs sway bending) and thus linking up with the ground resonance problem shown in Section 
5.1. Therefore, this chapter recommends an additional an additional check that engineers need to 
perform after obtaining the natural frequency of the structure. This is in addition to the standard 
design code recommendations regarding checking whether the natural frequency coincides with 
1P/3P and wave frequencies.   
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Figure 5.24: Variation of the fixed base natural frequency with increasing jacket bottom width 
 
Figure 5.25: Effect of increasing the modes of vibration of the system 
It is important to state that though the provided formulations result in 3 natural frequencies, special 
care should be taken when assessing the 2nd and 3rd frequencies. This is because the value of mt (which 
depends on the accelerating mass of the tower and the jacket) is calculated using substitution from 
the FEA. For preliminary designs, an accurate estimate of the first natural frequency would be 
sufficient however, designers wishing to calculate other subsequent frequencies must derive m2 using 
the second and third modes of vibration respectively by finding it using FEA software as shown above 
for the first mode. In the subsequent chapter, a method to numerically compute the mass without 
resolving to a finite element package is presented.  
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It may be also noted that the method presents the first estimate for preliminary design and provides 
design considerations. In detailed nfa (natural frequency analysis), it is suggested that the mass matrix 
should also consist of the following: 
• Mass of tower equipment such as the flanges. 
• Mass of working platforms such as such as boat landings, access ladders, resting platforms, and 
external platforms. 
• The mass of the TP, where a methodology to include this is also provided in Chapter 6. 
• The mass of any heavy grouted connections (if present). 
• Environmental conditions such as mass of marine growth and mass of corrosion allowance. 
Other environmental factors influencing the stiffness of foundations such as scour should also be 
considered such as the study shown in Fazeres-Ferradosa, et al., (2018).    
5.6 Conclusions 
This chapter presents analytical solutions to calculate the mass and stiffness matrices which are used 
to compute a number of natural frequencies in 2 and 3 dimensions. The presented 3D solutions 
provide a better understanding of the effects of asymmetry, soil variability, aspect ratio, and 
foundation mass on the oscillations of wind turbines. Through these different analysis and comparison 
with scaled model tests, it is shown that with a low foundation stiffness, asymmetric foundation 
arrangements are more susceptible to resulting in two frequency peaks. On the other hand, symmetric 
foundations resulted in lower peak ratios even at low foundation stiffness values. In terms of aspect 
ratio, it is noted that its effect heavily depends on the foundation vertical stiffness, for which 
impedance functions have been previously developed. Finally, in practical terms, the foundation mass 
does not seem to have a large effect on the natural frequency of the system.  
Moreover, the chapter draws an analogy from the well-known helicopter ground resonance problem, 
this study suggests that rocking modes of vibration may be avoided to ensure intended performance 
in its full design life and through the 2D analytical solutions it is shown that a jacket may be engineered 
towards a no-rocking solution by optimising two parameters: (a) ratio of vertical stiffness of the 
foundation stiffness to lateral superstructure stiffness; (b) aspect ratio of the jacket-tower geometry. 
A low value of vertical foundation stiffness values together with a low aspect ratio will promote a 
rocking mode of vibration. On the other hand, a high vertical stiffness of the foundation with higher 
aspect ratio (broader base of the jacket) will encourage a sway-bending mode. Furthermore, the study 
shows that the transition from rocking to sway bending is non-linear and depends not only on the 
aspect ratio but also on the ratio of vertical stiffness of the foundation and lateral stiffness of jacket-
tower configuration. 
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Chapter 6: Closed Form Solutions for the 
First Natural Frequency and Response of 
Jackets on Multiple Foundations 
Synopsis 
The originality of the chapter lies in the derivation of methods to further simplify the calculation of 
the dynamic performance of jackets without resorting to complex and expensive software. The author 
of the thesis with the assistance of the principle supervisor used classical solutions from text-books 
and other sources of literature to the assist in the derivation of the analytical solutions that depend 
on basic information about the turbine, supported jacket, and the soil profile. The results of the 
chapter were verified using different sources and can be used for simplified design as shown in the 
solved examples and Chapter 7. 
This chapter of the thesis is loosely based on the following publications: 
Jalbi, S. and Bhattacharya, S., 2018. Closed form solution for the first natural frequency of offshore 
wind turbine jackets supported on multiple foundations incorporating soil-structure interaction. Soil 
Dynamics and Earthquake Engineering, 113, pp.593-613. 
Jalbi, S. and Bhattacharya, S., 2019. Minimum foundation size and spacing for jacket supported 
offshore wind turbines considering dynamic design criteria. Soil Dynamics and Earthquake 
Engineering, 123, pp.193-204. 
6.0 Introduction 
Chapter 5 provided a practical method to assist in computing the fundamental periods of wind 
turbines supported on multiple foundations with useful insights on some non-dimensional groups and 
rocking vs sway-bending modes of vibration. However, it is realised that the solutions provided in 
Chapter 5 still require the assistance of a finite element package to predict the accelerating mass and 
structural stiffness of the tower and the jacket. For preliminary designs, this would prove to be an 
expensive solution and methods to predict the stiffness and the accelerating mass via simplified hand 
calculations are required. Moreover, the solution provided in Chapter 5 does not incorporate the mass 
of the transition piece which in some cases is high and can influence the natural frequency. 
Consequently, in this chapter, further simplifications to the solution are provided where the problem 
now can be solved with a simple spreadsheet program with the least amount of input. In this chapter, 
the jacket is converted into an equivalent beam representing its stiffness and a formulation is 
presented to find an equivalent beam for entire tower-jacket system. Using energy methods, an 
equivalent mass of the RNA (Rotor Nacelle Assembly)-tower-jacket system is also calculated. To 
consider the flexibility effects of the foundation, a formulation for an equivalent rotational spring of 
the foundation is developed and a method to incorporate the mass of the transition piece is also 
presented. Finally, a step-by-step application of the methodology is presented by taking example 
problems from the literature is shown together with validation and verification.  
Subsequently, the mechanical model discussed above will be used to provide foundation sizing 
recommendations in relation to the impedance functions developed in Chapter 4. The results show 
that the foundation arrangement (square, symmetrical triangle, or asymmetrical triangle) plays a 
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detrimental role in the overall size of the foundations along with the foundation spacing. The provided 
recommendations will assist designers in optimizing the system considering both structural and 
foundation stiffness. Finally, the applicability of the proposed model when assessing the overall 
deformation of the structure under forced vibrations is examined.  It is shown that the single beam 
model (Figure 6.1d) is suitable for the fundamental frequency calculation whilst the 2-beam model 
(Figure 6.1b) is more suitable for the forced response.  
6.1 Methodology  
The mechanical idealization adopted in this section is similar to the one developed in Chapter 5 where 
a 3D system can be converted into 2D and the vibration across each axis is studied separately. Figure 
6.1 shows an overview of the whole methodology. The jacket and tower are modelled as Euler-
Bernoulli beams with a distributed mass. The foundations are again modelled with a set of vertical 
elastic springs (kv1 and αkv1) and the Rotor-Nacelle Assembly with a top lumped mass (MRNA). Finally, a 
simplified spring-mass system is developed (Meq and Keq). 
 
The calculation steps can be summarized as follows:  
1. Convert the 3D vibration problem into a 2D vibration problem. 
2. Obtain the equivalent jacket bending stiffness EIJ. 
3. Obtain the equivalent tower bending stiffness EIT. 
4. From steps 2 and 3, obtain a single value for the bending stiffness of the tower-jacket system 
EIT-J. 
5. Obtain the equivalent distributed mass meq of the tower-jacket system. 
6. Obtain the equivalent rotational stiffness of the caisson or pile supports (kR). 
7. Obtain the natural frequency of the equivalent beam with one end spring hinged and carrying a 
lumped mass at the other free end. 
It is important to clarify that these methods use analytical solutions established in literature, and the 
main contribution is firstly by identifying the method required in each step, checking its applicability 
to offshore wind turbine jackets, and altering the solution if required by studying the mechanics of the 
problem. The methods established from literature are evident in steps 2 to 6. The continuation of 
these methods onwards has been performed by the author.  
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Figure 6.1: Mechanical idealization of jacket supported offshore wind turbines 
It may be noted that damping is absent from the idealization shown in Figure 6.1. Damping is critical 
in terms of restricting fatigue damage. Further information on different types damping of OWT 
applications are stated in Arany, et al., (2016). Step 1 has already been discussed in detail in Chapter 
5. Therefore, for the purposes of initial design where the natural frequency is checked to be not to be 
coinciding with the forcing frequency damping may be neglected in this chapter. The different types 
of damping such as structural damping, soil damping, hydrodynamic damping, and aerodynamic 
damping is briefly discussed in Chapter 7. If simple dashpot may be added at the foundation level to 
represent the hysteresis damping inherently provided by the soil response. These usually followi 
loading/unloading rules such as the ones provided by Masing.  
6.1.1 Estimating the Equivalent Beam Stiffness of a Jacket 
In a simplified 2D idealization a truss may be modelled with an equivalent beam of a uniform cross-
section using the parallel axis theorem as shown in Figure 6.2. A similar approach has been used by 
MacLeod (2005) and Giltner & Kassimali (2000) in order to simplify finite element modelling of truss 
supported structures. Likewise, whilst studying the dynamic performance of offshore oil and gas 
jackets, Karsan, (1986) also idealizes the system as a beam where jacket legs represent the flanges 
and braces as the web. Hence, for the presented configuration, the moment of inertia is computed 
using Eq.1 
2
dA
I
2
c
J =           (1) 
Where Ac is the cross-sectional area of the leg and d is the spacing between the truss legs where the 
top spacing will be denoted as Ltop and the bottom spacing as Lbottom as shown in Figure 6.2. For 
simplicity, Eq. 1 ignores the moment of inertia of a given member about its central axis, also it assumes 
that the horizontal and diagonal members are connection members. Hence, they maintain the stability 
of the truss and are not included in the calculation of the moment of inertia. In reality, some shear 
141 
 
stiffness is provided by the diagonal members where they transfer unbalanced axial forces from one 
leg to the other. Moreover, the braces also transfer wave, wind, and current loads to the jacket legs. 
 
Figure 6.2: Equivalent Euler-Bernoulli beam of a truss (jacket) structure 
If the ratio of the cross-sectional area of the braces to the cross-sectional area of the legs is low, then 
the jacket acts a Vierendeel frame where the deformations of the jacket would be large and plane 
sections would no longer remain plane, which in turn would contradict the Euler-Bernoulli beam 
theory. If the ratio of the areas is large, this will increase the lateral stiffness of the jacket and ensure 
that large distortions in shape would not occur. However, there is a threshold up to which increasing 
the brace cross-sectional area is beneficial to the lateral stiffness of the jacket where Kumar, et al., 
(1985) showed that the lateral stiffness of a single storey truss started decreasing after a certain limit 
of the bracing cross-sectional area was exceeded. Based on the discussion above it is then assumed 
that the braces of the system are: 
• Stiff enough such that deformations in the jacket legs are small and plane sections remain plane. 
• Are not beyond the optimum value. 
Clearly, the ignored shear stiffness will cause an underestimation of the natural frequency, however 
for the purpose of providing adequate preliminary jacket leg sizes and spacing, the additional 
contribution provided by the braces may be ignored. As it will be shown in Section 6.3, this assumption 
is valid as the obtained results were comparable with Finite Element Analysis which includes the 
additional contribution of the shear stiffness of the braces.  
As the spacing d between leg elements is variable (top and bottom chord spacing are different), a 
function was derived to obtain the equivalent cross-section of the truss: 
Assuming the bottom leg spacing is a factor “m” of the top leg spacing as shown in Eq.2: 
topbottom LmL =         (2) 
Using Eq.2, a function can be defined for the leg spacing at a certain height z as shown in Eq.3: 
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Substituting Eq.1 into Eq.3 , the moment of inertia of the jacket as a function of height can be obtained 
as shown in Eq.4 
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Which can be algebraically simplified to Eq.5 
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Further algebraic expansion leads to Eq.6-8 
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The Euler-Bernoulli moment-curvature relation for section distant z from the free end is given by Eq.9 
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Substituting Eq.8 into Eq.9 leads to Eq.10 
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Which can be re-arranged to:  
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By integration of Eq.11 the slope equation can be obtained ash shown in Eq.12: 
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And the integration of the slope leads to displacement as shown in Eq.13 
143 
 
( )  213
top
CzC1azaz1lnaz2
aEI
P
y ++−−++=     (13) 
The boundary conditions for this problem are as follows: 
At 0
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,hz J ==         (14) 
At 0y,hz J ==          (15) 
This permutes the computation of the constants C1 and C2 in Eq.12-13 as shown in Eq.16-17 
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Hence, the deflection at the free end is obtained by substituting z=0 in Eq.13 
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By substituting Eq.10 in Eq.18 leads to 
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Further algebraic simplification leads to 
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Which means for a unit displacement the equivalent bending stiffness of a tapered jacket EIJ is 
expressed as 
f(m)EIEI topJ =         (20) 
where 
( )
( ) 1m2mlnm
1mm
3
1
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2
3
−−
−
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A quick check can be performed where a uniform jacket such that Ltop=Lbottom  
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1m2mlnm
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3
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−
→m
 Which means  topJ EIEI =  which is as expected. 
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6.1.1.1 3D to 2D Conversion of the Jacket Structure 
In a similar manner to the foundations shown in Chapter 5, a jacket will vibrate about two diagonal 
planes. Consider a jacket with a square configuration as shown in Figure 6.3 and Figure 6.4. Based on 
the methodology above, the bending stiffness in the x-x’ direction can be obtained using Eq.22-24.  
 
Figure 6.3: Stiffness of a jacket in the x-x’ bending direction 
CCCCtot1 2AAAA =+=        (22) 
CCCCtot2 2AAAA =+=        (23) 
Distance to Neutral Axis:  Ltop/2 
Moment of inertia in the x-x direction  
2 2
top top 2
j C C C top
L L
I 2A 2A A L
2 2
   
= + =   
   
     (24) 
Similarly, the same analysis is repeated for the diagonal y-y’ axis 
 
Figure 6.4: Stiffness of a jacket in the diagonal y-y’ bending direction 
CCtot1 AA =            (25) 
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CCtot2 AA =            (26)  
        
Distance to Neutral Axis: Ltop√2/2 
Moment of inertia in the diagonal direction as per Section 6.1.2:  
2 2
top top 2
j C C C top
L 2 L 2
I A A A L
2 2
   
= + =   
   
   
     (27)   
Comparison of Eq.27 to Eq.24 suggests that the stiffness of a symmetric square configuration is the 
same about the different planes of symmetry. In reality, the diagonal members of a jacket will have a 
higher contribution to the stiffness in the x-x’ direction, however these results also show that natural 
frequency of jackets with symmetric arrangements have 1 peak rather than 2 closely spaced peaks as 
previously discussed in Chapter 5.   
6.1.2 Tower Bending Stiffness 
Wind turbine towers are typically tapered tubular sections typically having varying thickness. Previous 
work also idealize the tower with a column of constant diameter and thickness as shown in Figure 6.5 
(Adhikari & Bhattacharya, 2011) (Arany, et al., 2016) (van der Tempel & Molenaar, 2002) (Zania, 2014).  
 
Figure 6.5: Equivalent cross-section of a tapered wind turbine tower 
According to Arany, et al., (2016) the average thickness of an OWT tower may be expressed as 
πDρh
m
t
TT
T
T =          (28) 
Where DT is the average tower diameter 
2
DD
D
bottomtop
T
+
=    (29) 
In a similar methodology presented in Section 6.1.1, the equivalent bending stiffness of the tower 
can be derived by first assuming the variation of diameter with depth as shown in Eq.30-31 
topbottom DqD =         (30) 
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The moment of inertia of a hollow circular section can be approximated as   
TtD
3
8
I

=          (32) 
Hence, the variation of moment of inertia with the beam depth is expressed in Eq.33 
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Similarly, assuming 
Th
1q
a
−
= , the moment of inertia can be re-written as 
( )3topT az1II +=         (34) 
Repeating the same steps shown in Eq.9-19, the following formulation is obtained for the equivalent 
bending stiffness of a tapered tower 
f(q)EIEI topT =            
Where 
( )
( ) 14q32lnqq
1q2q
3
1
f(q)
2
32
−+−
−
=       (35) 
6.1.3 Tower-Jacket Bending Stiffness 
To further simplify the problem, the 2 cross-sections obtained above are now converted to a single 
equivalent section of the “tower-jacket” system as shown in Figure 6.6. A single equivalent section 
may be obtained using Castigaliano’s theorem of a linear elastic single degree of freedom structure 
can be expressed as:  
Q
U
q


=          (36)  
Where U is the strain energy, Q is the force, and q is the generalised displacement. For the problem 
shown in Figure 6.6, the deformation at the top of the tower y(0) may then be expressed as 
( )
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This leads to  
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Figure 6.6: Equivalent cross-section for the tower-jacket system 
Eq.38 can be further simplified to 
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For a unit force P=1, the stiffness of the tower-jacket beam (kT-J) may be expressed as 
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Say 
T
J
h
h
ψ =           (41)  
and 
JJ
TT
IE
IE
=           (42) 
Using Eq.41-42, Eq.40 can be algebraically simplified to Eq.43 
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Also 
( )3JT
J-TJ-T
JT
hh
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k
+
=−         (44) 
Assuming both the jacket and the tower are composed of the same material and using Eq.43-44, the 
equivalent bending stiffness of the tower-jacket system is as follows: 
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6.1.4 Equivalent Mass of Tower-Jacket System 
The masses of the jacket and the tower are assumed to be distributed constantly along their lengths 
as shown in Figure 6.7. Physically, due to the shape of the tower and the jacket, the actual distributed 
mass of each component decreases along the height. However, in the simplified methodology, it is 
assumed that the tower and the jacket have a constant mass distribution with depth given by mT and 
mJ for the tower and jacket respectively in kg/m. It is shown later in the chapter that this assumption 
is valid with acceptable levels of accuracy. 
 
Figure 6.7: Assumed distributed mass of the jacket and the tower 
A method has been derived by Moon & Hong (2008) in order to obtain the equivalent distributed mass 
of a cantilever beam composed of 2 cross-sections, otherwise known as a stepped cantilever. It is 
assumed that the kinetic energy of the stepped cantilever and the uniform cross-section are 
equivalent. For this purpose, the first Eigen mode kinetic energy equation shown by Hurty & 
Rubinstein  (1964) was used as shown in Eq.46. 
( ) 2KE= m z φ dz          (46) 
Equating the Kinetic energy of the tower-jacket system with the equivalent beam results in Eq.47 
( ) 2 2eqm z φ dz= m φ dz          (47) 
Where m(z) is the distributed mass in (kg/m) and φ is the Eigen mode function of a continuous 
cantilever system. 
Eq.47 is expanded to Eq.48 
( ) ( )
( )
( )
J J T
J
T J
z i h h +hn
2 2 2
i 1 J 1 T 12
i=11 z i-1 0 h
eq 2 h +hz i
221
11
00
m φ dz m φ dz+m φ dz
m z φ dz
m = = =
φ dz φ dzφ dz
   

 
   (48) 
The mode shape function and the integral of square the mode shape function may be evaluated using 
Eq.48 and Eq.49 respective 
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(50) 
where  
J TL = h + h  
Where λ1 is the first root of the natural frequency equation, β1 is the dimensionless natural frequency 
parameter of Euler-Bernoulli beam, and z is the height along the beam. For ready reference, the values 
of λ1 and β1 for a cantilever beam (fixed end, and not with an end rotational spring as the one shown 
in Figure 6.1d) can be obtained from Eq.51-52 which are extracted from standard structural dynamics 
text books such as Blevins (1979). 
1 1.8751 =           (51) 
1 1
1
1 1
cosλ +coshλ
β =-
sinλ +sinhλ
         (52) 
Thus, all the components required to estimate the equivalent mass of the cross-section given in Eq. 
48 can be carried out using simple computation. 
As shown in Figure 6.1d, an equivalent rotational spring will be obtained for the foundation 
arrangement which is further elaborated upon in Section 6.1.5. Hence, the procedure shown in Eq47-
48 will be used to obtain the equivalent mass for a beam with an end rotational spring. This will allow 
for the comparison between the meq of a beam with a fixed end and a beam with a rotational spring 
at the end and check the differences in between. The work by Chun (1972) presents the function of 
the first mode shape of a beam which is supported by a rotational spring at one end and free at the 
other. This is shown by Eq.53 where kR is the stiffness of the rotational spring. 
R 1 1 1 1 1 1
1 1 1
T-J
k L λ λ λ λ λ λ
φ β cos z-cosh z +β sin z+sinh z sin z-sinh z
EI L L L L L L
      
= +      
      
 (53) 
Using Eq.48, meq was plotted for two mJ/mT values and is shown in Figure 6.8. The two cases shown in 
the figure are for the two extremes cases: (a) fixed end (having an infinite kR i.e. jacket on deep 
foundations) shown in solid lines; (b) low value of kR value (non-dimensional rotational stiffness of 1) 
shown with the dashed lines. The mode shape function used for (a) is Eq.49(a) and for (b) Eq.53. From 
the figure two important points may be noted:  
(a) If the tower height is more than 50% of the overall height of the structure, the ratio of meq/mT 
is close to 1. This applies even if the mass of the jacket is twice that of the tower. As it is typical 
to have taller towers than jackets, the mass of the tower is likely to govern and any discrepancies 
in assuming the distributed mass of the jacket will not greatly affect the results.   
(b) The degree of fixity of the support is insensitive to meq estimation. The plot shows closely 
matching results for both the fixed end (infinite kR) and low rotational stiffness of the 
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foundation. Due to the relative simplicity of the integral of the function, Eq.49 i.e. the cantilever 
function, is used in the solved example in Section 6.2. The methodology of obtaining an 
equivalent rotational spring is explained in the following section.  
 
 
Figure 6.8: Non-dimensional plot of meq vs tower height 
It may be noted that the methods presented above can also be applied for cases where the cross-
sectional area of the jacket legs themselves also varies with height. Using the numerical derivations 
provided in the sections above, the integrals for stiffness and equivalent masses of the system may be 
considered at different intervals where the cross-section is expected to vary. However, for the sake of 
practicality, a single cross-section (with varying leg spacing) has been taken for the jacket members in 
the solved example.  
6.1.5 Equivalent Rotational Stiffness of Multiple Supports 
The system is now effectively a beam with a uniform cross section supported on two vertical springs. 
A simpler method would be to obtain the equivalent rotational stiffness of a rigid support on multiple 
foundations as shown in Figure 6.9 and Figure 6.10 and can also be solved using energy methods. As 
foundations of jackets and seabed frames are spaced wide apart, the vertical stiffness may not the 
similar and is therefore represented kv1 and αkv1. Moreover it has been previously discussed in Chapter 
5 that variability of the foundation stiffness is critical to estimating the frequencies of asymmetric 
arrangements. This is similar to the idealization Craig & Kurdila (2006) presented for a wheel axle 
resting on two wheels for the calculation of the Eigen frequency. The main idea is to use Castigliano’s 
theorem to maximize the potential energy. This will enable the formulation of an equation which 
contains the applied moment, the rotation, and stiffness of thee springs. From these it is possible to 
obtain an equivalent rotational stiffness of the system which is what is required to simplify the 
formulations.  
From Figure 6.9, the vertical equilibrium of the system is as per Eq.54: 
151 
 
( ) ( )θμ1LαkθμLk vv −=        (54)   
 
 
Figure 6.9: Equivalent rotational stiffness of multiple-support foundations 
Thus, from Eq.54, the centre of rotation can be obtained following equation 27.    
     
α1
α
μ
+
=          (55) 
Using Castigliano’s theorem the equation of strain energy Eq.56 is obtained: 
( )  ( ) 2v
2
v θμ1Lαk
2
1
θμLk
2
1
-MθU −++=      (56) 
Differentiating with respect to ϴ to obtain the maximum potential energy: 
( )  ( )  0μ1LθαkμLθk-M
θ
U 2
v
2
v =−++=


     (57) 
Further algebraic simplification leads to: 
( )  ( ) 2v
2
v μ1LαkμLk
θ
M
−+=       (58) 
Where 
M
θ
 is representative of the rotational stiffness of the system such that: 
θ
M
kR =           (59) 
Substituting Eq.59 into Eq.58 leads to 
( )  ( ) 2v
2
vR μ1LαkμLkk −+=         (60) 
Further simplification of Eq.60 
( ) 222vR μ1αμLkk −+=           (61) 
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Substituting Eq.55 to Eq.60 results in: 
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As per equation Eq.63, it is evident that the equivalent rotational stiffness of foundation on 2 supports 
is reliant on the spacing between the foundations. A higher spacing between the vertical supports 
enhances the rotational stiffness and avoids rocking vibrations which is compatible with the discussion 
on aspect ratio discussion presented in Chapter 5 
Similarly, as shown in Figure 6.10, a 2D problem may have 3 springs when vibrating diagonally, hence 
the same methodology may be applied to accommodate vibration in the orthogonal direction 
 
Figure 6.10: Equivalent rotational stiffness in the diagonal direction 
Equilibrium in the vertical direction is as per Eq.64 
( ) ( ) ( )θμLkθμ1LαkθμLk vvv −+−=        (64) 
Thus, the centre of rotation is calculated to be  


++
+
=
α1
0.5α
μ           (65) 
Using Castigliano’s theorem the equation of strain energy is as follows: 
( ) ( ) ( )
2 2 2
v v v
1 1 1
U -Mθ k μL θ αk L 1 μ θ k L μ θ
2 2 2
      = + + − + −        (66) 
Differentiating with respect to ϴ to obtain the maximum potential energy and solving for kR: 
( ) ( )
2 22 2
R vk k L μ α 1 μ μ  = + − + −        (67) 
In a similar manner to Section 6.1.1.1, the rotational stiffness is calculated for both the x-x’ and y-y’ 
directions of a square configuration of the foundation base as shown in Figure 6.11. 
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Figure 6.11: Schematic of square base vibrating in orthogonal directions 
For plane x-x’ 
kkkkk 4321 ====         (68) 
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For vibrating about the diagonal axis y-y’ 
kkk
2v1v
==           (72) 
1α =            (73) 
2υ =            (74) 
The vibration across the diagonal occurs over a longer length as shown in Eq.75 
2LL1 =           (75) 
Hence 
( )
2
1
211
20.51
μ =
++
+
=          (76) 
Substituting in Eq.67, the rotational spring stiffness in the y-y’ direction is  
( ) ( ) ( ) ( ) ( )
22 2 2 22 2 2 2
R v 1k k L μ α 1 μ υ μ k L 2 0.5 1 0.5 2 0.5 0.5 kL   = + − + − = + − + − =   
(77) 
Judging from Eq.71 and Eq.77 it is also evident that for a symmetric square configuration, both the 
jacket and foundation stiffness are the same and hence rocking about the x-x’ and diagonal y-y’ planes 
have the same natural frequency in a similar manner to the structural jacket stiffness as shown in 
Section 6.1.1.1. This further confirms the discussion in Chapter 5 regarding the vibration of symmetric 
foundations arrangements where such arrangements had only 1 peak. Hence, as simplified methods 
are now available for both the structural and foundation stiffness, one can now easily plug in the 
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stiffness values in the mass and stiffness matrices derived in Chapter 5 or use the simplified methods 
provided in Section 2.7. 
6.2 Natural Frequency Estimation 
6.2.1 Estimating the Equivalent Beam Stiffness of a Jacket 
The natural frequency of a beam with a distributed mass supported by a rotational restraint is 
expressed as:  
4
2
0
mL
EI
2π
f

=            (78) 
Where L is the span of the beam, m is the distributed mass and λ is the root of the solution of the 
frequency equation and depends on the non-dimensional stiffness parameter as shown in equation 
Eq.79 (Chun, 1972). 
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     (79) 
Hence, each root (λ) of Eq.79 can be achieved and substituted in Eq.78 which allows designers to 
obtain the nth natural frequency of the system. Eq.79 does not include the lumped mass at the end of 
the beam, which is the case of an offshore wind turbine system equals the Rotor-Nacelle Assembly 
(RNA) mass and it is significant. Lee (1973) provided the solution for the vibration of a uniform beam 
with one end spring hinged and carrying a lumped mass at the other free end. Expressed in terms of 
the parameters, the adjusted solution of the frequency equation is as follows: 
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Where m is the distributed mass of the beam in kg/m and M is the lumped mass at the beam end in 
kg. From Eq.80, it is evident that the driving parameters in estimating the natural frequency of the 
system are the ratio of the lumped mass to the beam mass, and the ratio of spring to beam stiffness. 
Using any advanced mathematics software, one can find the roots of Eq.80 and obtain the natural 
frequency using Eq.78. Moreover, this method can enable the designer to obtain higher mode 
frequencies. 
6.2.2 Equivalent SDOF System 
As stated in Section 6.2.1, using Eq.80 may require advanced mathematics software to calculate the 
roots, thus for simplification purposes, the problem is further broken into an equivalent mass-spring 
SDOF system as shown in Figure 6.12. The equivalent stiffness and equivalent lumped mass of the 
system are also shown in the figure where Meq represents the total mass of the system lumped at the 
tip which is constituted of the beam mass (representing the tower and the jacket) and the RNA mass 
such that Meq=Meq-TJ+MRNA. The mass of the RNA is already lumped at the tip and a method is 
presented to transform the beam distributed mass into a lumped at the tip (Meq-TJ). On the other hand, 
Keq is a function of both the rotational stiffness of the foundation and the bending stiffness of the 
equivalent beam. Hence, Keq is a function of both kR and EIT-J.  
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Figure 6.12: Conversion into a SDOF system 
eq
eq
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M
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2π
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JTtotal hhh +=          (82) 
The deflection of the equivalent beam at the tip is computed as  
( ) ( )
JT
3
total2
total
R 3EI
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k
1
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Say that τ is the non-dimensional foundation stiffness given by 
 
JT
totalR
EI
hk
−
=           (84) 
Hence,    is a measure the level of flexibility of the foundation and is dependent on the vertical 
stiffness of the foundation and the spacing between the supports. 
The deflection equation then becomes 
( ) ( )
JT
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Applying a unit load at the tip of the beam, the stiffness of the beam may be computed as 
( ) 




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+
== −
3
1
τ
1
h
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1
K
3
total
JT
eq         (86) 
In order to obtain the Meq-TJ in kg, Eq.81 is equated to Eq.78. as shown in Eq.87. Effectively, this allows 
for the computation of the proportion of the beam distributed mass that can be lumped at the tip 
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Where 
1  is the first root of the natural frequency equation shown in Eq.79 
Through substituting Eq.85 into Eq.49 
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Further algebraic simplification leads to Eq.89-90 
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Hence by replacing  
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1 1
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  by  , Eq90 may be expressed as: 
( )eq-TJ eq totalM m h=          (91) 
Thus, ε represents the proportion of the Tower-Jacket mass (in kg) which can be lumped at the tip. 
The value of ξ is a function of λ1 which in turn is a function of the fixity at the base as shown in Eq.79. 
Hence, the proportion of the of the tower-jacket mass lumped at the tip depends on the value of kR . 
Considering a fixed base with rotational stiffness approaching infinity →  and 
1 1.8751 = , Meq 
can be computed as shown in Eq.92 
( ) ( )eq-TJ eq total eq total4
3
M m h 0.243 m h
1.8751
= =  Hence 243.0=    (92) 
Using the methodology above, value of ε was plotted against the non-dimensional rotational stiffness 
of the foundation as shown in Figure 6.13. The values of λ1 were obtained from finding the roots of 
Eq.79 for varying values of kR.  Judging from the figure, it is evident that for practical values of non-
dimensional rotational stiffness the value of ε is close to 0.243, thus it is safely assumed that the 
lumped mass of the tower Meq-TJ is always 0.243 of meqhtotal regardless of the value of kR. Hence, the 
total lumped mass of the system (beam and RNA) can be simply calculated as Meq=0.243meqhtotal+MRNA. 
Finally, some further algebraic manipulation is performed to facilitate the understanding of the 
parameters influencing the natural frequency of the SSI of the system. A flexibility parameter CJ is 
introduced such that 
0 J fbf =C ×f where CJ is a function of τ which depends on rotational stiffness kR of 
the foundation as shown in Eq.84. Hence, the flexible natural frequency is calculated as shown in 
Eq.93-95. 
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Figure 6.13: variation of ε with non-dimensional rotational stiffness 
 
0 J fbf =C ×f           (93) 
       
3τ
τ
CJ
+
=           (94) 
( )( )3totalRNAtotaleq
J-T
0
hMh0.243m
3EI
3τ
τ
2π
1
f
++
=      (95) 
Hence, this was done to be consistent with the methods presented in literature as shown in Section 
2.7 of the literature review where the monopile foundation flexibility coefficients was expressed in 
terms of CL and CR.  
6.2.3 Transition Piece (MDOF System) 
The work presented in Sections 6.2.1 and 6.2.2 may be extended to include the effect of the transition 
piece mass on the natural frequency. Loads from the wind turbine tower are transferred to the jacket 
through the use of a transition piece (TP). The TP in this case is composed of a large concrete block 
with a considerable mass, see Figure 6.14 for a schematic. The TP can also be represented by a lumped 
mass (MTP) located at hJ and its addition to the analysis introduces an additional degree of freedom 
which depending on the mass of the concrete block and the dimensions of the jacket may have an 
effect on the natural frequency of the system. There are numerous methods to incorporate the mass 
of the TP in the analysis of the natural frequency. For instance, Liu & Huang (1988) and Wang (2012) 
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presented solutions for the natural frequency parameters λ1 and β1 for beams supporting multiple 
lumped masses at different locations.  
 
Figure 6.14: Schematic for transition piece (TP) 
There are other simpler methods for obtaining the natural frequency of a multi-degree of freedom 
system such as the method of influence coefficients which is summarized in Eq.96-100 where the 
relation between the displacements and forces acting at different positions of the system can be 
evaluated using these coefficients. A full derivation leading to Eq. 62 can be found in Chandrasekaran 
(2016). Other methods may also be used such as Dunkerley’s method and the Rayleigh-Ritz method.  
eq eq total RNAM =0.243m h +M   
1
1
eq eq TP TP2 2
0 T
TP
eq eq TP TP 2 2
0
1
U M - U M
4π f U 0
=
U 01
U M U M -
4π f
  
  
     
          
   
    (96) 
Expanding the matrix shown in Eq.96 leads to Eq.97 
( ) ( )
1 1
4 4 2 2
eq TP eq TP eq TP 0 eq eq TP TP 016π M M U U -U U f -4π M U +M U f +1=0   (97) 
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Hence the roots of Eq.97 provides the natural frequency of the system 
Where 
Ueq: The displacement at the tower tip due to a unit force at that location (htotal) 
UTP: The displacement at the location of the TP due to a unit force at that location (hJ) 
Ueq1: The displacement at the tower tip due to a unit force at the location of the TP (hJ) 
UTP1: The displacement at the location of the TP due to a unit force at the tower tip (htotal) 
Where these displacements are computed using Eq.98-100 
2 3
total total
eq
R T-J
h h
U = +
k 3EI
         (98) 
2 3
j J
TP
R T-J
h 2h
U = +
k 6EI
         (99) 
( )
1 2
2 2
j J total Jtotal
eq TP
R j T-J
h h 3h -hh
U =U = +
k h 6EI
  
    
  
      (100) 
It is important to note that this method assumes a rigid connection between the tower and transition 
piece. However, in reality a form of connection is required between them such as a grouted 
connection which will add flexibility to the system and reduce the natural frequency. For this reason, 
designers are encouraged to check this using advanced finite element methods and ensure that the 
connection is stiff enough that it does not greatly influence the fundamental period. 
6.3 Solved Example 
For the purpose of demonstration of the applied methodology (and to provide a basis of comparison) 
a symmetrical four-legged jacket supporting a NREL 5 MW reference offshore wind turbine in deep 
waters is considered, see Figure 6.15.   
The jacket dimensions are taken from Alati, et al., (2015) where industry-standard software BLADED 
is used to obtain the fixed base frequency and SSI frequency of the system. The necessary dimensions 
of the jacket are summarized in Table 6.1. 
Table 6.1: Summary of input parameters 
Jacket 
hJ (m) 70.0 
Lbottom (m) 12 
Ltop (m) 9.5 
Area of jacket leg Ac  (m2) 0.1281 
mJ  including diagonals (kg/m) 8150 
Tower 
hT 70 
Dbottom (m) 5.6 
160 
 
Dtop (m) 4.0 
mT (kg/m) 3730 
RNA 
MRNA (kg) 350000 
Transition Piece 
MTP (kg) 666000 
Note: It is assumed that lateral translational restraints are at the nodes on connecting the legs to 
the vertical springs 
 
 
Figure 6.15:Schematic of the example problem 
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Step 1: Obtain the jacket stiffness: 
For vibration along the main axis  
f(m)EIEI topJ =         
( )2 2c top 4
top
A L 2 0.1281 9.5
I 11.56m
2 2
 
= = =  
bottom
top
L 12
m 1.26
L 9.5
= = =  
( )
( )
( )
( )
3 3
2 2
m m 1 1.26 1.26 11 1
f(m) 1.425
3 m 2mln m 1 3 1.26 2 1.26 ln 1.26 1
−  −
=  =  =
− − −   −
  
11 12 2
JEI 2.1 10 11.56 1.425 3.46 10 Nm=    =    
Step 2: Obtain the tower Stiffness: 
top bottom
T
D D 4 5.6
D 4.8m
2 2
+ +
= = =  
T
T
T T
m 261100
t 31.5mm
ρπh D 7850 π 70 4.8
= = =
  
 
3 3 4
top top T
π π
I D t 4 0.0315 0.7732m
8 8
= =   =  
bottom
top
D 5.6
q 1.4
D 4.0
= = =  
( )
( )
( )
( )( )
3 32 2
2 2
2q q 1 2 1.4 1.4 11 1
f(q) 2.145
3 q 2lnq 3 4q 1 3 1.4 2ln 1.4 3 4 1.4 1
−  −
=  =  =
− + −  − +  −
 
f(q)EIEI topT =  
11 11 2
TEI 2.1 10 0.7732 2.145 3.48 10 Nm=    =    
Step 3: Obtain the Tower-Jacket stiffness: 
J
T
h 70
ψ 1.0
h 70
= = =  
11
T T
12
J J
E I 3.48 10
0.10
E I 3.47 10


= = =

 
( ) ( )
3 3
11 12 2J T
T-J T T 3 3
T
h h1 1 70 70
EI E I 3.48 10 1.635 10 Nm
h 701 1 ψ χ χ 1 1 1 0.1 0.1
    + + 
   =   =    =         + + − + +  −    
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Step 4: Obtain the equivalent distributed mass: 
J TL=h +h =70+70  
1λ 1.8751= =0.0134
L 70+70
 
1 1
1
1 1
cosλ +coshλ cos1.8751+cosh1.8751
β =- =- =-0.7341
sinλ +sinhλ sin1.8751+sinh1.8751
 
2 2 2
2 1 1 1 1 1 1 1 1 1 1 1
1
1 1 1 1 1
2 2
1 1 1 1 1 1
1 1
1-β 2λ β 2λ 1+β 2λ β 2λ 2β λ λ
φ dz=z+ sin z- cos z+ sinh z+ cosh z- sin z×sinh z-
4λ 2λ 4λ 2λ λL L L L L L
L L L L L
1+β λ λ 1-β λ λ
sin z×cosh z- cos z×sinh z
λ λL L L L
L L

 
Value of the integral @z=0 
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( )
( )
22
2 1 1
1
1 1
-0.7341β β -0.7341
z=0+- + =- + =47.52
2λ 2λ 2 0.0134 2 0.0134
L L
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Value of integral @z=70 
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2 2
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
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2
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−    =
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
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2
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( ) ( )
J J T
J
T J
h h +h
2 2
J 1 T 1
0 h
eq h +h
2
1
0
m φ dz+m φ dz
8.15 118.19 +3.73 985.4
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 
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Step 5: Calculate the fixed base natural frequency: 
( ) ( )( )
eq T-J
0
3
eq-TJ RNA
eq total RNA total
K EI1 1
f
1 12π 2πM M
0.243m h M h
τ 3
= =
 +
+ + 
 
 
→  
( )( ) ( ) ( )
12
T-J
fb 3 3
eq total RNA total
3EI1 1 3 1.635 10
f 0.303Hz
2π 2π0.243m h M h 0.243 4200 140 350000 140
 
= = =
 +  + 
which is representative of the natural frequency if the jacket is supported on deep embedded piles 
Step 6: Calculate CJ for a small value of stiffness of the springs:  
For the sake of completeness of the example, it is assumed that the jacket is supported on 4 suction 
caissons (4m diameter x 4 meter deep) resting on soft soils. Table 6.2 shows the properties of the 
foundation and the ground properties  
Table 6.2: Foundation properties 
Foundation depth L (m) 4 
Foundation diameter D (m) 4 
Soil Young’s modulus Es (MPa) 10 
Soil Poisson's ratio υs 0.28 
 
Using the impedance functions developed in Chapter 4 the vertical stiffness can then be estimated 
as  
0.52 0.52
6 6
v SO
L 4 N
k =2.31 DE =2.31× ×4×10×10 =92.4×10
D 4 m
   
   
   
  
( ) 6 6v1
N
k = 92.4+92.4 ×10 =184.8×10
m
 
( ) 6 6v2
N
k = 92.4+92.4 ×10 =184.8×10
m
 
α=1  
2 6 2 10
R v
α 1
k k L 184.8 10 12 1.329 10 Nm
1 α 1 1
   
= =    =    + +   
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10
R total
12
T J
k h 1.329 10 140
1.137
EI 1.635 10

−
 
= = =

 
J
τ 1.153
C 0.52
τ 3 1.137 3
= = =
+ +
 
0 J fbf =C ×f =0.16Hz  
It is interesting to note that the mass of the transition piece did not greatly influence the natural 
frequency of the system. Therefore, for preliminary estimates it may be assumed that the transition 
piece mass need not be accurately estimated at an early stage of the design.  However, if the transition 
piece mass is considerably high (due to larger turbine installations for example or to resist a certain 
loading condition) one must always check the contribution of the transition piece to the natural 
frequency. As shown in Eq.97, a higher transition piece mass would mean that it will have a higher 
contribution to the quadratic equation which ultimately might alter the calculated frequency. 
An example of a spreadsheet type program of the solved equations can be found in Appendix C. 
6.3.1 Comparison with Finite Element Analysis 
A 3D finite element analysis was also performed using the software package SAP2000 were a modal 
analysis was run to study the natural frequency of the undamped free vibration of the system. The 
jacket was constructed using beam elements with moment releases at the ends. The tower consisted 
of a non-prismatic section with a linear variation of the moment of inertia. As for the RNA it was 
modelled through a lumped mass at the tower top. The accelerating masses of the tower and the 
jacket are computed automatically by the software. The material model used for the jacket was linear 
elastic with a Young’s modulus for steel of 210 GPa and density of 7850 kg/m3 and lateral restraints 
were applied at foundation level. The model was then meshed to 1200 beam elements and as the 
material model is linear elastic the analysis time required by the software was approximately half a 
minute.  Typical deflected mode shape from the software output is shown in Figure 6.16 and Figure 
6.17. Figure 16 shows a sway-bending mode of vibration due to a fixed base at the supports, whilst 
Figure 6.17 shows rocking mode of vibration due to flexible linear elastic spring supports. It may be 
noted that in Figure 6.17, the natural frequency in the x-x’ (i.e. diagonal plane) were very close due to 
the fact that this is a symmetrical configuration. Table 6.3 shows a comparison between the results 
obtained using the proposed method and SAP2000. 
Table 6.3: Comparison between proposed method and FEA 
Case SAP 2000 (Hz) 
Proposed method 
(Hz) 
(Alati, et al., 2015) 
BLADED (Hz) 
Fixed Base (No Transition 
Piece) 
0.312 0.303 - 
Flexible Foundation (No 
transition piece) 
0.156 0.160 - 
Fixed Base (Including 
transition piece) 
0.305 0.290 0.314-0.317 
Flexible Foundation 
(Including transition piece) 
0.141 0.140 - 
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As shown in Table 6.3, the results obtained from SAP2000 match well with the proposed method and 
this validates the assumptions made about the mass distribution, stiffness idealizations, and 
equivalent rotational support. Similarly, the method also matches well with the fixed base natural 
frequency obtained through BLADED software provided in Alati, et al., (2015) with slight discrepancies. 
These differences possibly arise firstly due to the numerical error of each software. Secondly, the RNA 
in BLADED is modelled with a higher geometrical and structural accuracy when compared to the 
lumped mass approach adopted in the proposed method and SAP2000. Thirdly, the foundation 
supports in BLADED are modelled using distributed springs along the length of the pile rather than 
lumped vertical springs. Finally, BLADED includes the additional stiffness of the jacket bracing and 
includes the accurate geometry of the tower. Therefore, the objective of this comparison was 
achieved by consolidating the confidence in the use of the proposed method when compared against 
a Finite Element Solver and other documented sources in literature.  
 
 
 
Figure 6.16: Sway bending mode of vibration 
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Figure 6.17: Rocking mode of vibration 
An additional check was performed using PLAXIS 3D which models the continuum of the soil in 
addition to the frictional interaction between the soil and foundations and is similar to the analysis 
performed in Chapter 4 (see Figure 6.18). Another advantage of this model is that is provides the 
lateral flexibility of the foundations rather than the lateral restrains in SAP2000 and the proposed 
method which has a better idealization of the real conditions of the foundation. The frequency for the 
flexible foundation was 0.137 Hz which is in close proximity to the results shown in Table 6.3. This 
shows that the effect of lateral restraint does not have a great influence on the frequency since the 
movement of the foundations under free vibration is mostly in the vertical push-pull direction (given 
that the lateral stiffnesst itself was low and still did not affect the result). Thus, the assumption of 
lateral restrains at the foundation level is sufficient for preliminary sizing of the foundation. It is 
however important to note that the foundations modelled in PLAXIS 3D were rigid and the flexibility 
of the caisson lid and skirt were not taken into account. The flexibility of the lid will reduce the natural 
frequency of the structure and needs to be checked in the detailed design of the foundations as shown 
in the site monitoring presented in Shonberg (2017).  
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Figure 6.18: Jacket model in PLAXIS 3D 
6.3.2 Solved Example 2: Asymmetric Triangle Case 
The above methodology was repeated for an asymmetric triangle case, the value of L at the base is 
assumed to be 12m i.e. L=12m in Figure 6.19. Similarly, the same wind turbine is installed on this 
seabed frame. As this is an asymmetric configuration (Figure 6.19), the vibrations about the x-x’ and 
y-y’ planes are expected to be different as shown mathematically through Eq.101-105. 
The vibration about the x-x’ plane is studied first. This is a system which can be converted into 2D such 
that the jacket base is supported on two linear springs, where the stiffness of one spring is k and the 
stiffness of the other spring is 2k. Hence using Eq.27-28, the equivalent rotational stiffness of the 
foundation can be found as shown in Eq.101-102. 
α 2 2
μ
1 α 1 2 3
= = =
+ +
         (101) 
     
2
2
2
R 1
α 2L 2 kL
k =kL =k × =
1+α 2 3 3
  
       
       (102) 
Also using Eq.1, the stiffness of the jacket can be found as shown by Eq.103 
2 2
2
C
J C C
A L2L 2L
I =2A +A =
6 3 3
   
      
   
      (103) 
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Similarly, the vibration about the y-y’ plane can also be studied. In this case the jacket is assumed to 
be supported on 3 springs where Eqs.76-77 may be used to obtain the rotational stiffness of the 
foundation. This is shown in Eq.104 
α 0.5 1 0.5
μ 0.5
1 α 1 1 1


+ +
= = =
+ + + +
        (104) 
( ) ( ) ( ) ( ) ( )
22 2 2 22 2 2 2
R v 1k k L μ α 1 μ υ μ k 2L 0.5 1 0.5 1 0.5 0.5 kL   = + − + − = + − + − =   
 
(105) 
Finally, the stiffness of the jacket in the y-y’ direction is shown in Eq.106 
2 2
2
J C C C
2L 2L
I =A +A =A L
2 2
   
      
   
       (106) 
Hence, comparing Eq.102 with 105 and Eq.103 with Eq.106, it is clear that the rotational stiffness of 
the foundation and jacket stiffness in the x-x’ direction is different than that of y-y’ direction in a similar 
manner to the concept of centre of mass and centre of stiffness developed in Chapter 5. Table 6.4 
summarizes the obtained results for both the proposed method and the Finite Element Analysis 
carried out in SAP 2000. 
 
 
Figure 6.19: (a) plan view of asymmetric foundation base (b) Finite Element Model of the jacket 
Table 6.4: Summary of the results for the asymmetric case 
Case SAP 2000 (Hz) Proposed method (Hz) 
Fixed Base (x-x’ direction) 0.21 0.19 
Fixed base (y-y’ direction) 0.28 0.25 
Flexible foundation (x-x’ direction) 0.075 0.09 
Flexible foundation (y-y’ direction) 0.164 0.15 
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As shown in Table 6.4, the proposed method matches well with the FEM results with higher margin of 
errors when compared to a symmetric foundation. This is because in this case of an asymmetric 
configuration, the centre of mass does not match with the centre of stiffness of the foundation which 
results in slightly high margin of error. However, for the sake of preliminary sizing of the jacket 
members the method serves well. 
6.3.3 Solved Example 3: Square Jacket on Piles 
This section takes an example of a pile supported jacket supporting a 4MW turbine proposed to be 
used in Fujian Pingtan Dalian island in the Chinese sea. The details of the turbine and the tower is 
given in Table 6.5. The jacket consists of a square base of 26m x 26m at the base and it tapers to 14m 
x 14m at the top. Each of the legs of the jacket is supported on 3m diameter piles 50m long. Table 6.6 
and Figure 6.20 provide details of the jacket. This structure is analysed using SAP2000 software and 
also by using the proposed method. The same modelling assumptions shown in Section 6.3.2 were 
applied with the exception that this model consisted of 900 frame elements. The results are shown in 
Table 6.7 and they are comparable.   
Table 6.5: Turbine and tower details 
Tower Bottom Diameter (m) 5.042 
Tower Top Diameter (m) 3.083 
Tower Thickness (mm) 24-30 
Tower Height (m) 72 
Tower Mass (Tons) 176 
Mass of RNA (Tons) 240 
Mass of TP (Tons) 200 
 
Table 6.6: Jacket configuration 
Lbottom (m) 26 
Ltop(m) 14 
Jacket Height(m) 40 
Jacket Leg Section Outer diameter 1600 mm, 32 mm wall thickness 
Jacket Brace Section  Outer diameter 900mm, 25 mm wall thickness (3 layers) 
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Figure 6.20: Schematic of example 3 
Table 6.7: Results from proposed method and finite element analysis 
Case 
Proposed Method (Fixed Base) 
(Hz) 
SAP 2000 (Fixed Base) (Hz) 
Fixed Base (Representative of 
piles) 
0.331 0.356 
 
6.4 Forced Response of the Mechanical Model 
It is important to note that the equivalent section EIT-J was developed in order to obtain the first 
natural frequency of the system, hence special care must be applied when assessing the overall 
deformation of the structure under a forced vibration due to wave loads or under a similar assessment 
of the loads with a Dynamic Amplification Factor (DAF). As the equivalent stiffness of the structure 
was obtained using Castigalliano’s theorem for a load at the tip, this means that the deformation of 
the structure would not be accurately predicted for loads below that level as is the case of wave loads. 
Hence, this section compares the static and dynamic response of the structure for three different 
idealizations of the structure on both a rigid base (deep foundations) and a flexible base (shallow 
foundations) 
• Method 1: Using the equivalent section EIT-J  (Figure 6.1c) 
• Method 2: Using two separate sections EIT and EIJ (Figure 6.1b) 
• Method 3: Using the 3D finite element model which depicts the correct distribution of structural 
stiffness and mass 
In methods 1 and 2, the system can be discretised into N degrees of freedom elements and a brief 
summary is provided here for the benefit of the reader. The governing equation of motion is shown 
in Eq.107 
mü + cu̇ + ku = p(t)        (107) 
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the displacement vector u, can be expressed in terms of modal contributions as shown in Eq.108 
u(t) = ∑ 𝜙𝑟𝑞𝑟 = 𝛷𝑞(𝑡)
𝑁
𝑟=1        (108) 
Hence, using the coupled equations in uj (t) can be transformed to a set of uncoupled equations with 
modal coordinates qn(t) as shown in Eq.109 
∑ 𝒎𝜙𝑟?̈?𝑟(𝑡) + ∑ 𝒄𝜙𝑟?̇?𝑟(𝑡)
𝑁
𝑟=1 + ∑ 𝒌𝜙𝑟𝑞𝑟(𝑡)
𝑁
𝑟=1 = 𝑝(𝑡)
𝑁
𝑟=1    (109) 
Pre-multiplying each term with the orthogonal mode results in the following  
∑ 𝜙𝒏
𝑻𝒎𝜙𝑟?̈?𝑟(𝑡) + ∑ 𝜙𝒏
𝑻𝒄𝜙𝑟?̇?𝑟(𝑡)
𝑁
𝑟=1 + ∑ 𝜙𝒏
𝑻𝒌𝜙𝑟𝑞𝑟(𝑡)
𝑁
𝑟=1 = 𝜙𝒏
𝑻𝑝(𝑡)𝑁𝑟=1   (110)  
Because of the orthogonality relation all terms vanish except when r=n 
∑ (𝜙𝒏
𝑻𝒎𝜙𝑛)?̈?𝑛(𝑡) + ∑ (𝜙𝒏
𝑻𝒄𝜙𝑛)?̇?𝑛(𝑡)
𝑁
𝑟=1 + ∑ (𝜙𝒏
𝑻𝒌𝜙𝑛)𝑞𝑛(𝑡)
𝑁
𝑟=1 = 𝑝(𝑡)
𝑁
𝑟=1  (111) 
Which can be rewritten as shown in Eq.112 
𝑀𝑛q̈(t) + 𝐶𝑛q̇(t) + 𝐾𝑛q(t) = 𝑃𝑛(𝑡)      (112) 
Where Mn Kn  and Pn  are the generalized mass, stiffness and force matrices for the nth mode 
𝑀𝑛 = (𝜙𝒏
𝑻𝒎𝜙𝑛)  𝐾𝑛 = (𝜙𝒏
𝑻𝒌𝜙𝑛)   𝑃𝑛 = 𝜙𝒏
𝑻𝑝(𝑡)  
Dividing with Mn results in results in Eq.113 
q̈𝑛 + 2𝜁𝑛𝜔𝑛?̇?𝑛 + 𝜔𝑛
2𝑞𝑛 =
𝑃𝑛(𝑡)
𝑀𝑛
       (113) 
Thus, the equations result in N uncoupled differential equations which can be solved separately and 
then transformed from nodal coordinates to obtain the displacement of each DOF. 
6.4.1 The Mass and Stiffness Matrices 
The system is discretised into N nodes where the thickness of each strip is the total height divided by 
N. In order to obtain the stiffness matrix, the flexibly matrix is obtained first and then inversed. The 
flexibility coefficient for each node fij is the displacement of degree of freedom i due to a unit force 
applied at degree of freedom j. In order to obtain the flexibility matrix for the system shown in Figure 
6.21, Castigalliano’s theorem will be used. P represents the location of the unit force and Q is the 
location of the imaginary force where the displacement is to be obtained. 
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Figure 6.21:Method 2 mechanical model 
For instance, taking the case where p is a node in the jacket and Q is a node in the tower. Assuming a 
fixed base, the deflection at Q due to a force at p can be computed as 
1
𝐸𝐼𝐽
∫ 𝑀
∂Q
∂M
ℎ𝑇+ℎ𝐽
𝑎
𝑑𝑥        (114) 
𝑀 = 𝑝(𝑥 − 𝑎) + 𝑄(𝑥 − 𝑏)       (115) 
∂Q
∂M
= (𝑥 − 𝑏)         (116) 
As the load Q is imaginary it is equal to 0 
1
EIJ
∫ p(x − a)(x − b)
hT+hJ
a
dx       (118) 
𝑝
EIJ
[
(ℎ𝑡𝑜𝑡𝑎𝑙
3 −𝑎3)
3
−
(ℎ𝑡𝑜𝑡𝑎𝑙
2 −𝑎2)(𝑎+𝑏)
2
+ (ℎ𝑡𝑜𝑡𝑎𝑙 − 𝑎)(𝑎𝑏)]    (119) 
Further, with the addition of the effect of the rotational flexibility coefficient kR 
𝑝(ℎ𝑡𝑜𝑡𝑎𝑙 − 𝑎)
2
𝑘R
(ℎ𝑡𝑜𝑡𝑎𝑙 − 𝑏)
(ℎ𝑡𝑜𝑡𝑎𝑙 − 𝑎)
+
𝑝
EIJ
[
(ℎ𝑡𝑜𝑡𝑎𝑙
3 − 𝑎3)
3
−
(ℎ𝑡𝑜𝑡𝑎𝑙
2 − 𝑎2)(𝑎 + 𝑏)
2
+ (ℎ𝑡𝑜𝑡𝑎𝑙 − 𝑎)(𝑎𝑏)] 
(120) 
The same process can be repeated for other locations of P and Q such as 
𝑝𝑎2
𝑘R
(ℎ𝑡𝑜𝑡𝑎𝑙−𝑏)
(ℎ𝑡𝑜𝑡𝑎𝑙−𝑎)
+
𝑝
EIT
[
(ℎ𝑇
3−𝑏3)
3
−
(ℎ𝑇
2−𝑏2)(𝑎+𝑏)
2
+ (ℎ𝑇 − 𝑏)(𝑎𝑏)]   (121) 
+ 
𝑝
EIJ
[
(ℎ𝑡𝑜𝑡𝑎𝑙
3 −ℎ𝑇
3)
3
−
(ℎ𝑡𝑜𝑡𝑎𝑙
2 −ℎ𝑇
2)(𝑎+𝑏)
2
+ (ℎ𝑡𝑜𝑡𝑎𝑙 − ℎ𝑇)(𝑎𝑏)]   (122) 
 
The mass matrix is a diagonal matrix where the mass of each strip is the distributed mass multiplied 
by the thickness of the strip. Another advantage of this method is the placing of different masses on 
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the system such as provisions for construction machinery, helicopter landings, additional ladders etc. 
at the location of the different degrees of freedom. 
6.4.2: Example Jacket and Results 
In order to assess how the current idealizations compute the response of the structure, the example 
jacket shown is taken and a “unity” wave load profile shown in Figure 6.22 is applied with a frequency 
of 0.1 Hz. The profile is obtained using Morrison’s equation and the frequency is the peak of the 
JONSWAP spectrum recommended in the DNV. The load is applied on the 3D model, the single section 
EIT-J and the idealization composing 2 sections EIT and EIJ. Consequently, both the static and dynamic 
responses of the idealizations are compared to the 3D model. An example of the dynamic response of 
a degree of freedom due to the wave load is shown in Figure 6.23. The slight discrepancies in prior to 
10 seconds are due to the shift from the transient to the steady state phase. This occurs due to the 
initial conditions the structure was excited at and fade with time due to damping until the steady state 
phase is reached. 
 
Figure 6.22: Distribution of wave load with height 
 
Figure 6.23: Forced response of the structure 
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6.4.2.1 Response of a Structure on a Fixed Base 
Table 6.8 summarizes the findings relative to the 3D model for a structure on a fixed base which 
symbolizes a jacket on deep embedded foundations. The table records the static and dynamic 
displacements at the tower tip, at the elevation of the jacket, and at quarter height of the jacket. The 
deformation at the tip is of interest as the SLS criteria of the generators limit the deformations and 
rotations at that level. From the table, it is evident that the single section idealization used to obtain 
the SDOF natural frequency in Section 6.2 seems to overestimate the deformation of the structure by 
double the amount at all levels. In comparison, the deformation of the 2-section idealisation has 
higher accuracy in both static and dynamic analysis. However, if a designer wishes to obtain the 
response of the lower sections of a jacket then the single section idealization maybe used keeping in 
mind the over estimation of the response.  
Table 6.8: Response of the structure on a fixed base 
Fixed Base  2 Sections EIT and EIJ 1 Section EIT-J 
Tower Tip ust/ust-3D=1.18 udyn/udyn-3D=1.2 ust/ust-3D=2.29 udyn/udyn-3D=2.56 
y=70 ust/ust-3D=1.04 udyn/udyn-3D=1.04 ust/ust-3D=2.18 udyn/udyn-3D=2.30 
y=17.5 ust/ust-3D=1.0 udyn/udyn-3D=0.9 ust/ust-3D=1.4 udyn/udyn-3D=1.37 
 
6.4.2.2 Response of a Structure on a Flexible Foundation 
The same methodology was repeated on a flexible base with kR=1.347x1010 Nm which is 
representative of a 4mx4m shallow foundation as discussed in the solved example. Table 6.9 
summarizes the results, where it can be seen that primarily, the single section representation error is 
much lower than when the structure is on a fixed base. Similarly, the two section idealisation almost 
has identical results to the 3D model.  
Table 6.9: Response of the structure on a flexible base 
Flexible base   2 Sections EIT and EIJ 1 Section EIT-J 
Tower Tip ust/ust-3D=1.04 udyn/udyn-3D=1.07 ust/ust-3D=1.13 udyn/udyn-3D=1.12 
y=70 ust/ust-3D=1.04 udyn/udyn-3D=1.04 ust/ust-3D=1.11 udyn/udyn-3D=1.14 
y=17.5 ust/ust-3D=1.03 udyn/udyn-3D=1.03 ust/ust-3D=1.05 udyn/udyn-3D=1.05 
 
6.4.2.3 Dynamic Amplification Factor: 
The ratio of the dynamic to static displacements computed in the sections above have been obtained 
and summarised in Table 6.10 and Table 6.11. From the tables, it is apparent that both idealizations 
capture the dynamic amplification when compared to the 3D model. Consequently, standard 
equations provided in the DNV may be used to simplify the calculation of the maximum dynamic 
response of the structure where Eq.123 may be used 
𝐷𝐴𝐹 =
1
√(2𝜁
𝑓
𝑓0
)
2
+(1−(
𝑓
𝑓0
)
2
)
2
        (123) 
ζ is the damping ratio relative to critical damping. 
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For loads with a frequency spectrum such as wind and waves, the peak frequency shall be used. For 
jacket type structures, the recommended value ζ is 1%, however when a turbine, jacket, and a stiff 
jacket are assembled, the first mode damping might be less than 1% of the critical damping. 
Table 6.10: Dynamic Amplification factor for a fixed base 
Fixed Base 3D 2 Sections 1 Section 
Tower Tip ust/udyn=1.1 ust/udyn=1.1 ust/udyn=1.23 
y=70 ust/udyn=1.04 ust/udyn=1.04 ust/udyn=1.1 
y=17.5 ust/udyn=1.04 ust/udyn=1.11 ust/udyn=1.12 
 
Table 6.11: Dynamic amplification factor for a flexible base 
Flexible Base 3D 2 Sections 1 Section 
Tower Tip ust/udyn=1.67 ust/udyn=1.71 ust/udyn=1.67 
y=70 ust/udyn=1.53 ust/udyn=1.80 ust/udyn=1.59 
y=17.5 ust/udyn=1.59 ust/udyn=1.60 ust/udyn=1.57 
 
6.4.3 Mode Shape Functions 
The displacement results obtained in Table 6.9 and Table 6.10 may be explained using the mode shape 
functions of the first mode of vibration. Figure 6.24 shows the first mode of vibration for the structure 
on a fixed base computed using the 3 methods. As shown, the mode shape for the single section 
idealisation overestimates the displacements over the entire structure. The response of 2 sections 
shows a much better representation of the mode shape where the deformations below the jacket 
level are as expected. It is only at very high levels near the tower where the displacements are 
accurately predicted by the single section idealization.  Hence, this is why the dynamic (and static) 
response of thee single section over-estimates the deformations with a high inaccuracy when the 
foundation is fixed. 
 
Figure 6.24: First mode shape for fixed base case 
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On the other hand, when the foundation is flexible, the first mode shape obtained using the 3 methods 
is within close proximity of each other which again explains why the single section predicted an 
accurate dynamic response. This is because the contribution of the bending of the jacket to the overall 
deformed shape is lower in the case of a flexible base than when the structure is rigidly connected to 
the ground. Judging from the above, it may be concluded that whilst the single section idealization EITJ 
sufficient to predict the first natural frequency of the structure, it over estimates the response of the 
structure under a linear modal super position. Consequently, as the 2 section idealization accurately 
predicts the deformed shape of the structure for both a flexible and fixed base, it should be used when 
assessing SLS deformation criteria. This will be the method used to predict the deformations in 
Chapter 7.  
 
 
Figure 6.25: First mode shape of the flexible foundation 
6.5 Foundation Sizing Recommendations 
From chapters 5 and 6, it is evident that both foundation arrangement (square base, symmetric 
triangle, and asymmetric triangle) and the vertical stiffness of the foundation (be it a pile or a suction 
caissons) plays an important role on the dynamic performance of offshore wind turbines i.e. modes 
of vibration as well as change in natural frequency with cycles of loading. Thus, the aims of this section 
are to 
• Revisit the criteria on how to differentiate two modes of vibration (rocking or sway-bending) 
for multiple foundation supported WTG.  
• Develop formulations and practical methods for obtaining minimum vertical stiffness of 
foundation (i.e. pile dimension or suction caisson dimensions) to achieve sway-bending modes 
of vibration.  
• Provide example comparisons between foundation size and spacing required for different 
foundation arrangements (4-legged jackets, 3-legged symmetric triangle, 3-legged asymmetric 
triangle).    
From Chapter 5, the normalized natural frequency with the vertical stiffness can be plot as shown in 
Figure 6.26. In the plot, three zones are identified:  
(a) lower value of (kv/kt) and (f0/ffb) which is characterised by rocking modes of vibration 
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(b) high value of (kv/kt) and (f0/ffb) which is characterised by sway-bending modes of vibration 
(c) The intermediate zone which can be identified by initial slope of the curve and 0.9 (f0/ffb). The 
use of 0.9 of fixed based frequency is explained in the next paragraph 
 
Figure 6.26: variation of natural frequency with vertical stiffness 
Note: The x-axis values are omitted as they are dependent on the jacket aspect ratio as previously 
shown in Figure 5.25 
Arany, et al., (2016) analysed 15 operating monopile supported offshore wind turbines and found that 
the natural frequencies of these are close to 90% of the fixed base frequencies. In other words, the 
foundations are very rigid and in comparison, the superstructure is flexible. Due to the good 
performance of these monopile-supported structures and in the absence of reported performance of 
jacket supported structures, 0.9 value is chosen. In other words, it is explicitly assumed that sway-
bending mode of vibration is initiated at the vertical stiffness required to achieve 90% of the fixed 
base natural frequency. From the design point of view, a very high foundation stiffness (fixed base 
conditions) could result in excessive stresses in the top braces and a very low foundation stiffness 
could result in high stresses of the lower jacket legs (induced by rocking mode of vibration). 
Furthermore, the rocking mode of vibration (termed as rocking dominant zone) is defined as the 
intersection of the initial slope and 90% of the fixed base frequency. It is considered useful to define 
the foundation stiffness terms in Figure 6.26 as follows: 
(a) kv,RCK  is the minimum vertical stiffness of the foundation required to initiate the transition from 
the rocking dominant zone 
(b) kv,SW is the minimum vertical stiffness of the foundation required to engineer a sway-bending 
mode of vibration. 
6.5.1 Expressions for the Minimum Vertical Stiffness of the Foundation (kv,sw) to Avoid Rocking Modes 
of Vibration 
Based on the discussion provided in Section 6.5 and Figure 26, Eq.93 can be re-written as Eq.124 
fb J fb0.9f = C ×f          (124) 
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Hence, cancelling ffb from both of the equations leads to Eq.125 
J0.9 = C          (125) 
Using Eq.84, the following can be derived  
τ
0.81
τ 3
=
+
         (126) 
Which means the value of τ is as per Eq.127   
243
τ
19
=        (127) 
Equating Eq.127 with Eq.95 results in the following 
2
total v bottom
T-J
h k L243
 = 
19 2EI
       (128) 
Where kv is solved for as shown in Eq.129      
T-J
v 2
total bottom
486EI
k = 
19h L
       (129) 
The above expression is developed for the 2D idealisation and therefore the minimum vertical 
stiffness of a single foundation to achieve sway-bending modes of vibration kv,sw is given by Eq.130.  
T-J
v,sw 
2
total bottom
243EI
k = 
19h L
       (130) 
The above method can be repeated for symmetric and asymmetric triangles using the formulations 
provided in Section 6.1.5 and the results are summarised in Table 6.12. 
Table 6.12: Summary table for minimum vertical stiffness to achieve sway-bending 
Foundation arrangement Threshold Vertical foundation stiffness 
Square Base (SB) 
 
T-J
v,sw 
2
total bottom
243EI
k = 
19h L
 
Symmetric Equilateral Triangle (ST) 
bottom
T-J
v,sw  
2
total
486EI
k = 
19h L
 
kv 
kv kv 
Lbottom 
Lbottom 
Lbottom 
k
v
 
Lbottom 
k
v
 
k
v
 k
v
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Asymmetric Isosceles Triangle (AT) 
T-J
v,sw 
2
total bottom
729EI
k = 
19h L
 
 
It is important to note that designers may use the stiffness values in Table 6.12 keeping in mind the 
recommendations concerning safety factors in current standards. For instance, the (DNVGL-ST-0126, 
2016) recommends that the natural frequency should have a safety factor margin of 10% on the 
maximum and minimum rotor speeds (soft-stiff design region). Similarly, the recommended values 
should also consider the ground material stiffness values when performing natural frequency analysis 
(nfa). Typically, the characteristic soil conditions (material safety factor=1) are used for natural 
frequency analysis as shown in (De Vries, et al., 2011) , however projects with complex ground profiles 
or limited data might consider other safety factors.  
6.5.2 Dimensions of Foundations to Avoid Rocking Modes of Vibration 
The formulation developed in the earlier section can be applied to jackets and seabed frames. This 
section of the chapter provides simple expressions for choosing piles as well as suction caissons and 
a verification of the method is provided using finite element analysis.  
6.5.2.1 Pile dimensions to achieve sway-bending vertical stiffness (kv,SW): 
As previously stated in Chapter 2, The (API-RP2A-WSD, 2014) and (DNVGL-RP-C212, 2017) codes 
provide “Winkler” type foundations in the form of q-z and t-z curve to represent the load-placement 
relationships of axially loaded piles. As the natural frequency is concerned with very small amplitude 
vibrations, the deformations will be small and the initial foundation stiffness would suffice (Arany, et 
al., 2017). Mylonakis, (2001) and Anoyatis & Mylonakis (2012) provided formulations for the static and 
dynamic Winkler moduli in homogeneous elastic soils. Using charts provided in (Anoyatis & Mylonakis, 
2012), it can be demonstrated that the static stiffness of piles can be used for preliminary sizing as the 
cyclic and dynamic loads applied on offshore wind turbines (wave, 1P,3P) have a very low frequency. 
Dynamic stiffness is applicable for OWTs sited in seismic areas such as Taiwan, India, and some areas 
of the United States. Alternatively, the macro-element spring maybe used and solutions from different 
sources of literature have already been summarised in Table 2.3 of the literature review.  In this 
section, the solutions provided by Fleming, et al., (1992) will be used as it has already been shown in 
Chapter 4 that these solutions provide an acceptable level of accuracy when compared with PLAXIS 
3D.  
Poulos & Davis (1968) presented Eq.131 to find the percentage of the load taken by the pile base  
base
total p
p
P 1
 = 
P L
+1
D
 
  
 
       (131) 
Pile aspect ratios (Lp/Dp) in the range of 15-25 are expected for jacket piles supporting offshore wind 
turbines as the loads are mainly resisted in the axial direction. This results in a percentage of 4-6% 
contribution of the base to the vertical stiffness of the piles. Thus, for preliminary sizing, it is assumed 
that the shaft is the only parameter contributing to the vertical stiffness of the pile making the 
Lbottom Lbottom 
kv 
√2Lbottom 
kv kv 
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formulations less dependent on the diameter. Moreover, this will facilitate the computation as the 
pile stiffness will be the same for both tension and compression, assuming the stiffness in tension and 
compression have the same safety factors. As a reminder, Fleming, et al., (1992) proposed the 
following formulation for the elastic settlement of rigid embedded piles due to shaft friction 
__
p s
v
2πL G
k =
ζ
 where 
__
sG is the average shear modulus    (132) 
  is between 3 and 5 and an average value of 4 has been suggested by  Baguelin & Frank, (1979) 
The average shear modulus expressed by Fleming, et al., (1992) is a simplification of the effect of 
confining pressure on stiffness of soils. For instance, over consolidated clays typically have a linear 
variation of stiffness with depth and in this case, the recommended value of the shear modulus 
__
sG   is 
the average between the top and bottom of the pile. Moreover, this relation assumes an elastic 
stiffness which is acceptable at the concept design stage since the natural frequency requirements are 
considered an SLS condition. However, designers are encouraged to consider the effect of plastic shear 
strains on the stiffness of the soil in the detailed design stage. 
For a Square Base (SB) foundation, substituting Eq.132 in Eq.130, the length of the pile required to 
avoid rocking is as per Eq.16 
T-J
p,SB __2
total bottom
s
243ζEI 1
L =
38πh L
G
        (133) 
Hence the length of the pile required to control rocking is a function of 
• The structural stiffness of the tower-jacket system EIT-J 
• The total height of the structure (which also affects the structural stiffness) 
• The square of the bottom spacing of the foundations (also affects the structural stiffness) 
• The inverse of the ground stiffness 
Similarly a minimum pile length can be calculated for symmetric and asymmetric triangles 
T-J
p,ST __2
total bottom
s
243ζEI 1
L =
19πh L
G
        (134) 
T-J
p,AT __2
total bottom
s
729ζEI 1
L =
38πh L
G
        (135) 
For instance, considering the jacket shown in Section 6.3.1, the stiffness of the tower-jacket structure 
EIT-J  is calculated as 1.635x1012 Nm2 and the bottom spacing of the foundation Lbottom is 12.5m and the 
total height (htotal) is approximately 140m. . Taking ζ as 4 in Eq.133, the variation of the minimum pile 
length (to achieve sway-bending) with soil stiffness GS is plotted in Figure 6.27. 
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Figure 6.27: Variation of pile length with soil stiffness 
 
As shown in Figure 6.27, a shear modulus of 25 MPa (which is expected in a medium dense sand) 
returns a value of 26 m of pile length, whilst a change in the shear modulus to 30 MPa results in a 21m 
pile length which is indicative of the high sensitivity of the foundation dimensions to the soil stiffness. 
Keeping in mind that the soil shear modulus varies with cyclic load, it is important to provide adequate 
length such that rocking is avoided throughout the service life of the wind turbine. 
Moreover for a given location (i.e. water depth, wind speed, and wave speed), a 3-legged jacket and 
a 4-legged jacket are expected to have the same structural stiffness (EIT-J) and strength as they have 
to resist the same loads at the Ultimate Limit State (they both must have similar utilization ratios) and 
satisfy the same serviceability criteria (allowable deformations and natural frequency). Having the 
same stiffness does not necessarily mean that both arrangements (3-legged vs 4-legged) will have the 
same mass, nevertheless it is shown in Section 6.1.4 that the mass of the jacket does not have a great 
contribution on the first natural frequency of the structure. While it is difficult to carry out a 
generalized comparison between 3-legged and 4-legged jacket, it is of interest to make some 
conclusions regarding the effect of foundation arrangement on the foundation size. Thus, for the sake 
of argument the value of EIT-J the symmetric and asymmetric 3-legged jackets is also taken as 
1.635x1012 Nm2 and the variation of the pile dimensions for these 2 additional arrangements is also 
shown in Figure 6.27. It can be seen that a symmetric 3-legged arrangements require double the pile 
length of a square arrangement to maintain the same natural frequency, whilst an asymmetric triangle 
would require triple the pile length. If for instance one wants to maintain the pile length at a certain 
level, an alternative solution would be to increase the foundation spacing (Lbottom). This solution is 
useful for ground profiles with complex layering and sharps shifts in stiffness or in ground profiles that 
have a shallow bedrock which requires shorter piles. 
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Through equating Eq.134 and 135 to Eq.132 would result in Eq.136 and Eq.137 
√2Lbottom,SB = Lbottom,ST     (136) 
√3Lbottom,SB = Lbottom,AT     (137) 
Thus, in order to have the same natural frequency, the spacing of the foundation must be widened 
by a factor √2 or √3 to maintain the pile length as a square base arrangement. 
Thus judging from Eqs provided and Table 6.12 and Eq.136-137, it is evident that that asymmetrical 
arrangements seem to require larger dimensions than symmetric ones (be it or longer piles or wider 
spacing) which must be kept in to account during the concept and optimization stages of the design.   
It is important to note that the equations provided in this section are dependent on the foundation 
stiffness formulation suggested by Fleming, et al., (1992), however the same methodology can be used 
for other stiffness formulation or through site specific solutions obtained from advanced Finite 
Element Analysis. Moreover, the provided solutions assume equal stiffness values under each 
foundation, whereas offshore foundations usually have varying stiffness values due to the change in 
the soil stratigraphy below the structure. Thus, the value of α in Eq.54 must be changed and Lp 
calculated accordingly. Finally, it may be reminded that this is the minimum required stiffness and 
further checks on the dimensions should be made regarding the ultimate capacity, allowable 
deformations, and fatigue life.  
6.5.2.2 Suction Caisson Size to Achieve Sway-Bending Vertical Stiffness (kv,SW): 
The process in the previous section is repeated to achieve the sizing recommendations for suction 
caissons. This can be done by equating the vertical impedance functions obtained in Chapter 4 to the 
minimum vertical stiffness values obtained in Table 6.12. For instance, taking the case of a suction 
caisson in a homogeneous ground profile, the vertical stiffness can be calculated as follows: 
( )
0.52
c
V c SO s
c
L
k 2.31 D E f υ
D
 
=  
 
    (138) 
As shown in Eq.138, in the case of shallow foundations, the diameter plays an integral role and cannot 
be excluded and the solutions can be further simplified by assuming typical aspect ratios of the suction 
caisson (Lc/Dc). The solutions for aspect ratios of 0.5 and 2 as shown in Eq.139-140 
For LC/DC=2  
( )
T-J
C,SB 2
SO s total bottom
7.72EI
L  = 
E f υ h L
      (139) 
For LC/DC=0.5 
( )
T-J
C,SB 2
SO s total bottom
3.96EI
L  = 
E f υ h L
       (140) 
Similar solutions can be derived for 3-legged arrangements and for other types of ground profiles 
(parabolic and linear). Eq 139-140 can also assist in the preliminary stages of design to assist engineers 
in the selection of piles or suction caisson as support structures. The final section shows a step-by-
step example of the method. 
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6.5.3 Finite Element Analysis 
Natural frequency analysis (nfa) was performed using geotechnical 3D finite element package PLAXIS 
3D. The analysis is performed in order to verify the proposed method and the same 4-legged jacket 
shown in Figure 6.18 with the difference of supporting the structure on piles rather caissons (see 
Figure 6.28). For the verification, two cases have been considered: 
• Jacket supported on Lp=26m long piles with soil shear modulus Gs=25 MPa 
• Jacket supported on Lp=21m long piles with soil shear modulus Gs=30 MPa, where both cases 
have been analysed using the proposed methods and shown in Figure 27.  
 
Figure 6.28: Jacket on piles on PLAXIS 3D 
Table 6.13 summarises the results obtained from both analyses, and it is shown that the proposed 
method matches well with PLAXIS 3D since both cases have f0/ffb in close proximity to 0.9. A number 
of possible explanations can be given to the slight discrepancies in the results, for instance the pile 
diameter effect in piles was ignored in Section 6.5.2.1 but included in the FEA. In addition, the slight 
difference in the tension and compression vertical stiffness of the piles which is also captured in the 
FEA analysis. However, considering the comparative cost and computational time of each method, the 
simplified method can be a powerful tool in the concept design stage of jacket foundations for 
offshore wind farms. 
Table 6.13: Summary of finite element analysis 
Foundation Natural Frequency (Hz) f0/ffb 
Fixed Base 0.302 1 
Gs=30 MPa, Lp=21m 0.264 0.87 
Gs=25 MPa, Lp=26m 0.267 0.88 
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6.5.4 Solved Example 
This section uses the jacket of the solved example shown on Section 6.3.3 of the Fujian Pintang 
Dalian island in the Chinese sea and the details of the jacket are provided in that section.  
Step 1: Obtain the jacket stiffness: 
For vibration along the main axis  
f(m)EIEI topJ =         
( )2 2c top 4
top
A L 2 0.1576 14
I 30.9m
2 2
 
= = =  
bottom
top
L 26
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L 14
= = =  
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( )
( )
( )
3 3
2 2
m m 1 1.857 1.857 11 1
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−  −
=  =  =
− − −   −
  
11 13 2
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Step 2: Obtain the tower Stiffness: 
top bottom
T
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2 2
+ +
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T T
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f(q) 3.07
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f(q)EIEI topT =  
11 11 2
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Step 3: Obtain the Tower-Jacket stiffness: 
J
T
h 40
ψ 0.56
h 72
= = =  
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Step 3: Obtain the minimum foundation dimensions: 
From Eq.133, the minimum pile length may be obtained 
11
T-J
p,SB __ __2 2
total bottom
s s
243ζEI 1 243 4 6.46 10 1
L =
38πh L 38π 112 26
G G
  
 = 
 
  
Hence, depending on the shear modulus of the soil at the location of the pile, one can obtain the range 
of sizes expected as shown in Figure 6.29. 
 
Figure 6.29: Variation of the pile length with soil shear modulus 
 
It is evident in this figure that the factor of safety imposed on the ground profile stiffness plays a big 
effect on the pile size. If the soil shear modulus is between 2-5 MPa, an onerous safety factor of safety 
must be obtained compared when the shear modulus is more than 6 MPa. Clearly other factors should 
be taken into account such as the overall deformation of the structure and the shift with cyclic loads.  
Similarly, if the same 4-legged jacket is supported on suction caissons with an aspect ratio LC/DC of 0.5 
and assuming a Poisson’s ratio of 0.25 using Eq.140 and the results are plotted in Figure 6.30. 
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Figure 6.30: Jacket supported n suction caissons LC/DC=0.5 
A similar trend to piles is obtained due to the inverse nature of the function with the soil shear 
modulus. If the site is consistent of a soil with a shear modulus of 4MPa, the minimum caisson size 
required with an aspect ratio of 0.5 is 6.8m in diameter and 3.4m in penetration length (See Figure 
6.30) 
6.6 Conclusions 
The main focus of this chapter is to simplify the solutions discussed in the previous chapter and present 
a simple method to estimate the first natural frequency considering the flexibility of the foundation. 
The input required are geometry of the tower and jacket, sizes of the legs of the jacket, RNA mass and 
vertical stiffness of the foundation. The methodology is based on converting a 3D vibration problem 
into a 2D problem and determining the equivalent bending stiffness of the superstructure. The 
methodology is validated using Finite Element solutions. Example problems are considered to show 
the applicability of the method. Moreover, this response of the structure under the different 
idealizations has been studied and it is shown that when studying the forced vibrations, the 2 section 
idealization is best suited. Finally, a study on the effect of foundation arrangement has been 
performed and formulations for sizing of foundations to avoid rocking modes have been provided. The 
following conclusions can also be drawn from the studies:  
(a) The mode of vibration of WTG system (i.e. rocking vs sway-bending) plays an important role 
in the size, type and configuration of the foundations. 
(b) For a given structural stiffness and foundation spacing, the foundation depth will increase by 
double or even triple if a triangular arrangement is used instead of a square base arrangement.   
(c) For jacket supported on piles, similar pile lengths can be achieved by increasing the spacing of 
the foundations by a factor of √2 or √3 depending symmetric or asymmetric arrangements. 
(d) Asymmetrical foundation arrangements require larger foundations than symmetrical 
arrangements. 
The next Chapter will show how the developed methods of this Chapter may be used for the overall 
simplified design of a jacket supported OWT. This will be followed by a solved step-by-step solved 
example to show the applicability.  
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Chapter 7: The Design of Jacket Foundations 
in 10 Steps 
Synopsis 
The originality of the chapter lies in the use of the tools in the previous Chapters such that a 
comprehensive method to obtain an initial jacket and foundation size may be obtained. There is no 
single source available in literature that contains clear and concise steps of the simplified design. The 
author’s contribution is firstly shown in the previous chapters by deriving individual different tools for 
different tasks and now in this Chapter demonstrating the order of steps for the use of these tools 
such that jacket member sizes and pile/caisson sizes may be obtained. Some similarities from previous 
work on monopiles are used as they have been proven to have worked efficiently in the past. However, 
as previously shown, jackets are a different structural system in terms of load transfer mechanism and 
so the design process, so the author had to carefully check that some of the sub-steps used in 
monopile design are still applicable to jackets.  
7.0 Introduction 
Finally, using the tools and information developed in Chapters 2-6, a design methodology has been 
developed to predict the jacket and foundation sizes given minimal data about the turbine generator, 
wind conditions, wave conditions, and ground profile. Detailed steps have been explained along with 
a design flowchart in order to reach a concept size of the structural jacket members and the 
foundation. Finally, through a solved example, the method was implemented to the existing study of 
the Upwind jacket. The tools will also use the assistance of the literature review chapter for the 
calculation of wind and wave loads in addition to studying the resistances of different components.  
The procedures provided in this chapter have to be refined with advanced analysis methods and with 
the availability of additional site data and turbine specifications. Consequently, the aim of this chapter 
is not to provide a detailed design methodology, but rather a tool for reasonably accurate concept 
designs. The chapter also aims to show the multidisciplinary and complex nature of the design process 
where the design requires a sound understanding of structural analysis, geotechnical foundation 
analysis, and soil-structure interaction. Within the framework of jackets, the methodology also aims 
to assist in defining the main jacket properties such as whether a jacket is 3-legged or 4-legged and 
whether the jackets are to be supported on piles or suction caissons. As such, the procedure results 
in a jacket with external dimensions (leg spacing, batter, bracing configurations), structural member 
sizes (jacket legs and bracing), and a foundation size (piles/suction caissons with a diameter, thickness, 
and embedment length). Other considerations such as fabrication, installation, specific loading 
conditions (such as seismic loading), and the design of the transition piece (TP) are considered beyond 
the scope of this chapter. 
As a reminder, this method is guided by the Limit State Design philosophy and the design 
considerations are to satisfy the following: 
• Ultimate Limit State (ULS): This is to ensure that the maximum loads on the foundations are 
within a sufficient margin of the capacity of the chosen members. For jacket type structures, 
this would require the computation of the ultimate wind and wave loads acting on the structural 
members. Therefore, the ULS considerations will provide the main dimensions of the jacket 
members and foundations. 
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• Target Natural Frequency and Serviceability Limit State (SLS): This requires the prediction of 
the natural frequency of the whole system and the deformation of the structure at foundation 
and hub height levels. As the natural frequency is concerned with small amplitude vibrations, 
linear Eigen analysis would suffice. Consequently, the computation of the foundation stiffness 
is an important parameter in design and some guidance on the computation of the stiffness of 
piles and suction caissons was provided in Chapter 4. These (vertical) stiffness values can then 
be used to obtain the natural frequency of the system using provided closed form solutions 
which take into account the flexibility of the jacket and foundation as shown in Chapter 6. (Note 
that in practice typically two separate sets of foundation stiffness’s are provided for ULS and 
FLS analyses to take into account the non-linearity of soil behaviour). Moreover, as previously 
discussed, it is well known that plastic strains increase with the number cyclic loads leading to 
an accumulation of deformation of the structure and this must be checked within the scope of 
the SLS. 
• The Fatigue Limit State (FLS): This would require predicting the fatigue life of the joints 
connecting the structural members and also the foundations to the jacket. Again, this step 
requires the stiffness of the structural members and foundations. Thus, the FLS and the SLS are 
interdependent and a number of design iterations must be performed to satisfy both conditions. 
• Robustness and ease of installation: This is to ensure the constructability of the system and 
there is adequate redundancy. 
The design procedure which is compliant with the current codes can be summarized in 10 steps. The 
design process and the interdependency of design steps are shown in Figure 7.1. 
1. Establish design basis (design criteria: ULS, FLS, SLS) and collect input data (turbine, 
metocean and geotechnical data). Some criteria may be country or project specific. 
2. Guess the initial jacket external dimensions which includes the jacket height, leg spacing, brace 
angle, and batter using data collected from step 1.  
3. Using the fixed base frequency of the wind turbine, estimate the cross-section sizes of the legs 
and braces.  
4. Use the initial dimensions of steps 2 and 3 in order to calculate the wind and wave loads and 
obtain the worst-case ULS combination. Use preliminary dynamic amplification factors (DAF) 
to incorporate dynamic effects. 
5. Calculate the capacity of the structural members against buckling and update section sizes 
accordingly. 
6. Estimate the geotechnical ultimate capacity of the foundation and provide an initial estimate of 
the diameter and embedment length. The thickness required for installation should also be 
checked. 
7. Calculate the vertical stiffness of the foundation and estimate the mudline and hub-height 
deformations of the structure. Update member sizes accordingly. 
8. Calculate the natural frequency of the system using the closed form solution and check if it lies 
within the limits. Apply refined DAFs and update the structural and foundation sizes 
accordingly. 
9. For shallow foundations, check the change of the natural frequency over the life time of the 
structure. 
10. Estimate the fatigue life of the structural members, joints, and the foundations. 
It may be noted that each step requires iterations from prior steps, also the entire process may be 
iterated to obtain the optimized shape of the foundation. For example using different batter angles of 
the legs or using different types of foundations (piles vs suction caissons). 
The preliminary and detailed design of OWT support structures has been an active topic of research 
in the past few years. For instance, van der Tempel, et al., (2010) provides and overview of the design 
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process with guidance on each step and information about important design considerations such as 
the required vessels and impact of wind farm layout. Similarly, Muskulus & Schafhirt (2014) provides 
a framework for computer-aided design with a focus on the structural aspects. Similarly, Seidel (2014) 
presented a method to predict the wave induced fatigue loads in the frequency domain. However, the 
aforementioned research still require the use of advanced FEA and the complex mathematical 
formulations. The results of this chapter have to set a bench mark and provide a method of verifying 
these complicated analyses.  
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Figure 7.1: Flowchart of the design process. Note: It is important to note that these steps can be interchangeable as seen 
fit by the designer. For instance, in the SLS calculations, the deformation calculation can be performed prior the natural 
frequency as shown in the flow chart 
It is evident that some steps of the figure above are similar to the one produced by the research group 
for monopiles (Figure 2.25). However, it is evident that the starting points for monopiles and jackets 
are different where the monopile starts the sizing from the ULS conditions whilst the jacket starts with 
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considerations to the highest astronomical tide. Secondly, the main jacket members are first sizes 
based on the natural frequency in the jackets which in contrary to the monopiles are sized based on 
deformation requirements. This of course sets the main contribution of this Chapter and the 
similarities are in the final in the sense that the members must satisfy SLS,ULS, and natural frequency 
requirements.  
7.1 Initial Jacket Dimensions  
The aim of this section is to provide a simplified methodology to obtain the initial jacket dimensions 
as shown in step 1 of the flowchart.  
7.1.1 Obtaining Initial Jacket External Dimensions  
In order to calculate the wave loads on the structure, an initial estimate of the external jacket 
dimensions and member cross-sections is required. The main external dimensions of the jacket are: 
• Jacket (platform height) hJ 
• Leg top spacing Ltop 
• Leg bottom spacing Lbottom 
• Batter angle αv 
• Bracing angle with the horizontal ϴh 
• Bay lengths L1,L2,L3 etc 
• Bay Heights h1,h2,h3 etc 
A schematic of the jacket external dimensions is provided in Figure 7.2. The jacket legs are battered in 
order to provide a higher spacing at the mudline level, which increases the lever arm and lowers the 
total vertical loads on the foundations. According to El-Reedy (2014), for offshore oil and gas jackets 
the recommended batter slope lies between 1:7 to 1:8, beyond which the connection between 
structural members becomes difficult on site. In offshore wind turbine jacket design, typical batter 
angles are up to about 1:6. 
7.1.1.1 Jacket (Platform Height) hJ 
This is the distance hJ from the mudline to the bottom of the transition piece (TP). The elevation of 
the bottom of the TP is chosen such that the TP is above the upper limit of the splash zone. The 
platform height above the mudline is obtained using guidance of (DNV-OS-J101, 2014) using the High 
Water Level (HWL) with 50 year return period, which considers an astronomical tide above Mean 
Water Level (MWL) and positive storm surge. The 50-year highest expected wave crest is taken as 
η50=Hm with the addition of an air gap g taken as 0.2HS,50 (50 year significant wave height). The 
preliminary estimate 0.2HS,50 returns a number slightly higher than 1.5m which is the typical initial 
estimate of the air gap in literature. This is done to include the tidal variations in the estimations of 
the air gap. The height of the jacket plays a critical role in computing the loads and the natural 
frequency of the system and must be studied carefully in all design steps. 
The height of the jacket may then be obtained using Eq.1  
platform j 50 m,50 s,50z = h = η +g = S+H + 0.2H        (1) 
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Figure 7.2: Main external dimensions of a jacket 
7.1.1.2 Transition Piece and Working Platform (Ltop) 
As a reminder, transition pieces are complex structural components that: 
• Transfer the loads (overturning moment, torsional moment, shear force and vertical force) from 
the tower to the jacket,  
• Maintain the position and verticality of the tower, 
• Supports the external working platform (EWP) and required crane(s), 
• Commonly house the cable hang-offs, and  
• Occasionally, house the switchgear.  
Transition pieces are difficult to design and there is no consensus on the best type of structure, or 
general rules for choosing a transition piece type. The selection of the concept typically depends on: 
• Available spacing, 
• Number of jacket legs, and 
• Magnitude of loads to be transferred. 
There are various factors that influence the top leg spacing (Ltop). These include: 
• Tower bottom diameter,  
• Required spacing for the external working platform (EWP), cranes, doors, hatches, etc, 
• Required transition piece size to transfer the loads from the tower to the jacket, 
• Required spacing based on the bottom leg spacing and batter angle(s). 
As stated in Section 7.1, this thesis will not cover the detailed design of the transition piece and 
preliminary knowledge of the width required is needed. Hence, Ltop may be calculated using Eq.2: 
top bottomL = D +a  where a is related to the size of the working platform/TP   (2) 
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7.1.1.2 Transition Piece and Working Platform (Ltop) 
After obtaining the height and top leg spacing, an initial estimate of the leg batter αv is made (such 
that it is lower than 1:7). Consequently, the width and length of each panel may then be obtained 
using a methodology provided in Vugts (2013) which uses geometrical functions to calculate the bay 
height such that similarity is achieved. This requires the knowledge of the total height, the leg batter, 
and the top and bottom widths of the jacket structure which have been discussed above. From the 
top, each panel is a multiplication factor m times the panel above it as shown in Eq.3. 
i
i i-1 topL = mL = m L  
i
i+1 i 1h = mL = m h  for i=1,2,....N         (3) 
Using the external dimensions: 
 
N
bottom N top v j topL = L =L 2 h = m L+         (4) 
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          (5) 
Using Eq.4-5 the value of m is computed as 
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L
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          (6) 
The angle of inclination of the braces with the horizontal is computed using Eq.7 
( )
-1
h
v
m-1
θ = tan
m+1 tanα
 
 
 
         (7) 
The bracing angle should be designed such that the angle between the brace and the legs must exceed 
300 as recommended by (NORSOK-N004, 2004). Similarly, it is recommended in Reddy & Swamidas 
(2016) that it would be optimum if the primary diagonal braces in the vertical jacket template are at 
approximately 450 angle intersection with the legs. It is also desirable to achieve a panel height such 
that the panels are geometrically similar which facilitates the detailed design and lowers the 
fabrication time. It may be noted that the methodology above depends on the batter and the number 
of bays, which means that obtaining the external jacket dimensions is an iterative procedure. Hence, 
the design process as previously discussed should be repeated with different trials of batter and 
number of bays until the lightest size with safe structural performance is achieved. Offshore wind 
turbine jackets are typically designed with two or three bays.   
7.1.2 Obtaining Initial Jacket Cross-Sections  
After obtaining the jacket dimensions, the cross-section sizes of the legs and braces may be found. 
The initial jacket leg section is obtained from the fixed base natural frequency (ffb) of the tower-jacket 
system such that the stiffness of the jacket legs maintains the ffb between 1P and 3P frequencies. From 
Chapter 6, it is shown that the ffb has been expressed as shown in Eq.(8) 
( )( )
T-J
fb 3
eq total RNA total
3EI1
f =
2π 0.243m h +M h
       (8) 
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In Chapter 6, it has also been shown has also been shown that the tower mass (mT) plays a much more 
dominant role than the jacket mass (mJ) in determining the value of the equivalent mass of the tower-
jacket system (meq). As shown in Figure 6.8, if the tower height is more than 50% of the overall height 
of the structure, the ratio of meq/mT is close to 1. This applies even if the mass of the jacket is twice 
that of the tower. As it is typical to have taller towers than jackets, the mass of the tower is likely to 
govern and any discrepancies in assuming the distributed mass of the jacket will not greatly affect the 
results. Consequently, meq can be initially taken as the distributed mass of the tower mT. The only 
remaining unknown in Eq.8 is the tower-jacket area moment of inertia IT-J since the turbine tower 
stiffness is known. From this, an initial diameter and a member thickness of the jacket leg can be 
obtained.  
From the leg size, an initial brace size can then be determined. As previously discussed, the braces 
transfer unbalanced axial forces from one leg to the other. Moreover, the braces also distribute wave, 
wind, and current loads between the jacket legs and provide additional stiffness. It has also been 
discussed in Section 6.1.1 that braces are assumed to maintain the Euler-Bernoulli assumption and 
prevent the jacket from acting as a Vierendeel frame. Kumar, et al., (1985) suggested leg to brace 
section area ratio is between 0.1 to 0.2 to ensure efficient shear transfer and assure rigid truss 
behaviour. This is based on the analysis of a single bay, however since a jacket is made of a stacked 
assembly of the truss modules, similar conclusions apply to the full jacket structure. Moreover, 
Chakrabarti (2005) recommended using a brace to leg diameter greater than 0.3 to control the joint 
capacity. Using the area and diameter relations above, one can also obtain a preliminary section of 
the bracing members. Recommendations are provided on the acceptable ranges of slenderness ratios 
(kl/r) and aspect ratios (D/t) are provided in Appendix A which are based on oil and gas fixed offshore 
platforms. It must be reminded at this stage that care should be taken when utilizing these 
recommended values as there are inherent differences between offshore wind and offshore oil and 
gas installations. These differences are summarized as follows which is based on (Bhattacharya, 2014): 
• The foundations supporting OWTs are moment resisting, i.e. the ratio of the lateral load to 
vertical load may be higher than for offshore oil and gas installations. 
• The structures are slender and dynamically sensitive which means fatigue is the design driver. 
• Degradation in the upper soil layers is less severe in offshore oil and gas piles which are 
significantly restrained against rotation. 
7.2 Computation of the Loads of a Jacket Supported OWT 
After obtaining the member sizes it is now possible to calculate the loads acting on the structure. 
Loads on OWTs are complex in nature and have been previously discussed in detail in Section 2.6 of 
the literature review. They are mainly composed of numerous dynamic and cyclic loads such as the 
mean and turbulent component of wind loading, wave loading, loading due to rotor (1P) effects (owing 
to mass and aerodynamic imbalances of the rotor), and loading due to blade shadowing (3P). 
In reality, one must carry out extensive operations using aero-servo-elastic simulations which require 
complex formulations and numerous input such as accurate drag and inertia coefficients, site specific 
wind and wave readings, probability distribution models which best suit a given site, and accurate 
tower and blade geometry. However, as discussed, there has been previous work by the research 
group to simplify the load calculation process using the least amount of input and can be implemented 
in a simple spreadsheet software. This work is mainly focused on providing deterministic load 
calculations based on statistical variations of wind and waves described in the IEC 61400 and DNGL-
ST-0437 codes which can be used to get a preliminary understanding of the loading and detailed 
explanations can be found in Arany, et al., (2015) Arany, et al., (2017), and Arany & Bhattacharya, 
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(2018). It has been shown that utilizing such methods results in an adequate conservative estimate of 
the foundation size and both monopiles and floating type foundations have been studied. Figure 2.19 
shows a schematic diagram of the simplified time-history of the main cyclic/dynamic loads acting on 
a wind turbine. Arany, et al., (2015) showed that wind and wave loads are dominant in terms of 
magnitude and would therefore have a higher contribution than the rotary forces of the blades and 
will be the main focus of this section.  
The main computation methodologies for the wind and wave loads were previously discussed in the 
literature review and will be adopted in this chapter. For the calculations of the wind loads, the only 
parameter yet to be discussed is the turbulent component “u” (Eq.65 of Chapter 2) which should 
adhere to the wind load models discussed in Table 2.8. Similarly for the wave load, the time period 
“T” and wave height “H” are also to be discussed such that the wave load can be computed as per 
Section 2.6.3 and Table 2.8. 
7.2.1 Calculation of the Turbulent Component “u” for the NTM,ETM, and EOG of the Wind Loads 
This section described how to calculate the different turbulent components previously shown in Table 
2.8 which can then be easily applied to the Equations shown in Section 2.6.2. 
7.2.1.1 Turbulent component uNTM of the Normal Turbulence Model 
The wind speed standard deviation in this model is expressed as per the IEC: 
( )U,NTM ref Rσ = I 0.75U +5.6                     (9) 
Where Iref is the reference turbulence intensity at U=15m/s, taken as Iref=18% 
This is the total standard deviation of the wind speed where it is assumed that the time constant of 
the pitch control is such that it can react to changes in the wind speed slower than the frequency of 
the rotation of the rotor (1P). Therefore, for the purpose of calculating the turbulent wind component 
u, the standard deviation of the wind speed changes with frequencies greater than 1P is considered. 
The calculation is based on the Kaimal spectrum as shown in Arany, et al., (2017). 
( )U,NTM,f>1p uu U,NTM 2
f1p,max 3
K
1p,max
R
1
σ = S f df  = σ
6L
f +1
U

 
 
 
                    (10) 
Where Suu(f) is the Kaimal wind spectrum and LK is the integral length scale (usually taken as 340.2m 
for offshore installations) as specified in (DNV-OS-J101, 2014). 
Assuming the turbulent wind speed follows a normal distribution and taking the 90% confidence 
interval as per (DNV-OS-J101, 2014), the turbulent wind speed component is computed as: 
NTM U,NTM,f>1pu  = 1.28 σ                                                                                                                      (11)
                   
The maximum and minimum wind (thrust) forces are shown in Eq.12 and Eq.13 
( )
2
wind,max,NTM a R T R NTM
1
F  = ρ A C U +u
2
                                                (12)        
( )
2
wind,min,NTM a R T R NTM
1
F  = ρ A C U -u
2
                     (13) 
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Moreover, the mudline bending moments are then simply found by multiplying with the lever arm of 
the forces as shown in Eq.14 and Eq.15 (Full derivation is provided in Section 2.6.2). 
( )wind,min,NTM wind,min,NTM hubM = F S+z                       (14) 
( )wind,max,NTM wind,max,NTM hubM = F S+z                                                                                                       (15)
                
7.2.1.2 Turbulent component uETM of the Extreme Turbulence model 
The same approach is taken in the ETM model with a different formulation for the standard deviation 
as shown in Eq.16 obtained from DNV-OS-J101. 
avg hub
U,ETM ref
U U
σ  = cI 0.072 +3 -4 +10
c c
   
   
   
 where c=2m/s                  (16) 
For simplicity Uhub and Uavg are conservatively taken as UR 
Similarly σU,ETM,f1>1p is also computed as Eq.10 but for the ETM standard deviation  
( )U,ETM,f>1p uu U,ETM 2
f1p,max 3
K
1p,max
R
1
σ = S f df  = σ
6L
f +1
U

 
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 
                    (17) 
Assuming the turbulent speed follows a normal distribution but taking a 95% confidence interval, uETM 
can be calculated as shown in Eq.18. 
 ETM U,ETM,f>1pu =2 σ                        (18) 
Following the calculation of the turbulent wind speed, the maximum wind and wave loads can then 
be calculated using Eq.12-15. 
It is important to note that Eq.16 gives the expected value of the standard deviation. Realistically, one 
would need the standard deviation of the standard deviation, i.e σσ, to determine a characteristic wind 
speed standard deviation σc, from which you can take a certain confidence interval (eg.95%). However, 
the approach presented here assumes that the size of the turbulent eddies in this high-frequency 
range is as large as the rotor itself. This is a conservative estimate, as the size of eddies is connected 
to their frequency (i.e. higher frequency eddies are smaller). 
7.2.1.3 Turbulent component uEOG of the Extreme Operating Gust model 
As stated in Table 2.8 of the literature review, it is assumed that the mean wind speed at the EOG 
condition is the rated wind speed UR. Given that modern wind turbines have an emergency breaking 
system, this is a conservative approach but will suffice for preliminary understanding of the load 
profiles. DNV recommends a Weibull cumulative distribution for the 10-minutes mean wind speeds as 
shown in Eq.19. 
 
s
U
-
K
U10 = 1-e
 
 
                                        (19) 
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Where s is the Weibull shape parameter and K is the Weibull scale parameter. The cumulative 
distribution of the 1-year mean wind speed is obtained from Eq.20 by raising it to the power of 52596, 
which is the number of 10-minute intervals in 1 year. 
52596
U10,1-year U10 =                                     (20) 
The 50-year wind speed is the 1-year mean wind speed with probability of 2% (1/50) of exceedance  
1
1 s
52596
10,50-yearU =K -ln 1-0.98
  
  
   
                                                               (21) 
And the 1 year mean wind speed is shown in (Eq.22) as per (DNV-OS-J101, 2014) 
10,1-year 10,50-yearU 0.8U=                                                    (22) 
And the characteristic standard deviation: 
U,c 10,1-yearσ =0.1U                                      (23) 
Thus, using Eq.19-23, all the components required to calculate the turbulent component uEOG are now 
available as shown in Eq.28  
( ) U,cEOG 10,1-year R
K
3.3σ
u =min 1.35 U -U ;
0.1D
1+
L
8
 
 
 
 
 
 
  
                                                                           (24)          
In a similar manner to the previous 2 sections, the maximum and minimum mudline bending moments 
for this loading scenario can now be calculated. 
7.2.2 Calculation of the Wave Load on Jacket Members 
It has been previously shown in Section 2.6.3 how to obtain the wave particle velocity and acceleration 
from Airey’s linear wave theory. The Section also shows how to implement the particle velocities and 
accelerations to calculate the drag and inertia forces on tubular members using Morison’s equation. 
Consequently, it is then shown how to implement Morison’s equation of jacket members and how to 
utilize the wave load models described in Table 2.8. As a reminder, for a vertical cylinder under wave 
loading, the Morison’s equation to calculate the wave loads is shown in Eq.25 
m
2
wave D I w m D w m x
1 1
f =f +f = ρ D C u u + ρ D C a
2 4
       (25) 
Where Dm is the diameter of the member, ρw is the density of water, CD and Cm are the drag and inertia 
coefficients respectively. The first term of the equation is generally known as the drag component and 
the second term as the inertia component. The drag and inertia coefficients depend on water velocity 
and are difficult to predict. The API code recommends values if 0.6 to 1 for CD and 1.5 to 2 for Cm. In 
this chapter, they are conservatively taken as 0.6 and 2 respectively. Design charts to obtain more 
accurate values of CD and Cm may be found in Haritos, (2007) and are dependent on Reynold’s and 
Keulegan-Carpenter (KC) numbers. These can be used for detailed analysis and to obtain a better 
approximation of the wave loads. 
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Jacket structures, however, consist of battered leg and bracing members and so Eq.25 will not predict 
the forces correctly if applied directly. Wade & Dwyer (1976) present different methods to predict 
wave loads on randomly oriented cylinders using Morison’s equation and recommends the method 
shown in Ckakrabarti, et al., (1975). The computation simply involves resolving the velocities and 
accelerations shown in Section 2.6.3 into components normal and tangential to the cylinder axis and 
using only the normal component in the Morison equation to calculate the force per unit length on 
the cylinder. The direction of the wave force on the inclined member is perpendicular to the cylinder 
and can be easily resolved into horizontal and vertical components in order to permit engineering 
calculations. 
Consider the arbitrary oriented cylinder shown in Figure 7.3. 
 
Figure 7.3: Arbitrarily oriented cylinder under a wave 
 
The magnitude of the water velocity normal V to the cylinder axis is given by Eq.26 
( )
2
2 2
x yV= u +v - c u+c v                                     (26) 
Where u and v are computed from Section 2.6.3 
The x, y, and z components of the velocity normal to the cylinder axis V are given in Eq.27 
( )n x x yu =u-c c u+c v       ( )n y x yv =v-c c u+c v           ( )n z x yw =-c c u+c v                                (27) 
Where 
xc =sin cosθ        yc =cos            zc =sin sinθ                       (28) 
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Similarly, the x ,y, and z components of the normal acceleration are given by 
( )nx x x x y ya =a -c a u+c a  ( )ny y y x x y ya =a -c c a u+c a  ( )nz z x x y ya =-c c a +c a   (29) 
The unit force on an arbitrary oriented cylinder can now be computed using generalized Morison 
equations 
2
x w m D n w m m nx
1 1
f = ρ D C Vu + ρ πD C a
2 4
 
2
y w m D n w m m ny
1 1
f = ρ D C Vv + ρ πD C a
2 4
 
2
z w m D n w m m nz
1 1
f = ρ D C Vw + ρ πD C a
2 4
        (30) 
It may be noted that Eq.30 is compatible with a vertical cylinder by setting ϴ=0 and φ=90 which will 
return to Eq.25. Finally, as each strip has its own x,y coordinates the total force can be calculated by 
integrating all the distributed loads as shown in Eq.31.  
x x
s
F = f ds  y ysF = f ds  sF = f dsz z        (31) 
Where s is the distance along the member axis. This integral represents the force at a certain instant 
of time i.e. to obtain the maximum force, one must repeat the process described above for other 
values of time until the maximum is achieved. Evaluating the integral in Eq.31 can prove to be difficult 
given the complicated function and may require advanced mathematics software. For this reason, a 
simplification is proposed using numerical methods such that spreadsheet approaches maybe used. 
The tubular jacket member submerged in water is discretized into a number of intervals N (resulting 
in a length ΔL of each interval), see Figure 7.4. The distributed wave forces are then computed for 
each interval and assumed to be constant where the velocities and accelerations in the middle of each 
interval are adopted. Consequently, the total force on each strip is simply obtained by multiplying the 
distributed force by ΔL. Clearly, the larger number of intervals taken, the lower the variation of the 
wave force along it which leads to a higher accuracy in predicting the loads. 
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Figure 7.4: Discretization of a length of a tubular member 
 
To make this computation possible, the coordinates of the midpoint of each interval is required. These 
are to be denoted as xN and yN calculated using Eq.32-33 
( )Ny = N-0.5 Lcos          (32) 
Similarly, the projection of the member on the x-z plane xp is computed as per Eq.33 and as shown in 
Figure 7.3. 
 ( )px = N-0.5 Lsin          (33) 
The projection of the tubular member on the x-z plane has a coordinate of xp as shown in Figure 7.3. 
Using geometric operations the xN coordinate may be computed as shown in Eq.34 
N px = x cos  
( )Nx = N-0.5 Lsin cos          (34) 
Finally, considering that the base of the member has coordinates of (x’,y’,z’), the coordinate of the 
midpoint of each interval of the member in global coordinates may be computed using Eq.35 
( )Ny = y'+ N-0.5 Lcos        
( )Nx = x'+ N-0.5 Lsin cos         (35) 
Hence, by subsisting Eq. 35 in Eq.31, the general solution for the total Fx load in the wave direction 
may be calculated using Eq.36 
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( ) ( ) ( ) ( ) ( )
( ) ( ) ( ) ( )
m
m
2
x w m D 1 1 n 1 1 w m nx 1 1 w m D 2 2 n 2 2
2 2
w m nx 2 2 w m D N N n N N w m m nx N N
1 1 1
F = ρ D C V x ,y u x ,y ΔL+ ρ πD C a x ,y ΔL+ ρ D C V x ,y u x ,y ΔL+
2 4 2
1 1 1
ρ πD C a x ,y ΔL.......+ ρ D C V x ,y u x ,y ΔL+ ρ πD C a x ,y ΔL
4 2 4
      
  
Which can be algebraically simplified to  
( ) ( ) ( )
N N
m m
x w m D N N n N N nx N N
1 1
D C1
F = ρ D L C V x ,y u x ,y a x ,y
2 2
 
 + 
 
        (36) 
i.e this is the total lateral wave force at foundation level. 
Similarly, Mz about the z axis can be computed by multiplying Fx by the lever arm yN. This is 
representative of the total moment at foundation level.  
z 1 1 2 2 N NM = Fy F y ..... F y+ +  
( ) ( ) ( )
N N
m m
z w m D N N n N N N nx N N N
1 1
πD C1
M = ρ D ΔL C V x ,y u x ,y y + a x ,y y
2 2
 
 
 
          (37) 
Judging from the above, all parameters depend on the wave height H and the period T. The values of 
these will be dictated by the wave model selected in Table 2.8 which will be described in sections 
7.2.2.1-7.2.2.3. It is also important to note that bulky members (that have a large volume) may 
influence the wave field around them and generate wave diffraction which has been already discussed 
in the literature review. Diffraction theory is also applicable to jackets supported on caissons that are 
installed on grounds susceptible to scour. Scour exposes the caissons to wave and current loads and 
owing to their high diameter, wave diffraction must be considered in this case. 
7.2.3.1 50-year extreme wave height Hm,50 
The significant wave height is typically taken for a 3-hour sea state. It is representative of the mean of 
the highest 1/3 of the waves in 3 hours. In a similar manner to the EOG explained in Section 7.2.1.3, 
the 50-year significant wave height is the highest 1-year 3 hours mean of 1/3 highest waves that has 
a 50-year return period. For early design phases, these values can usually be estimated based on public 
domain reports or reports produced by oil and gas stations close to a planned wind farm site. 
DNV OS-J101 gives a relationship for finding the period of this wave as shown in Eq.38 
S,50 S,50H H
11.1 T 14.3
g g
         (38) 
Since higher frequencies (lower periods) lead to higher loads (since they are typically closer to the 
natural frequency), the period can conservatively be estimated as  
S,50
S,50
H
T =11.1
g
          (39) 
The 50-Year Maximum wave height can be estimated using Eq.40 as per guidance of (DNV-OS-J101, 
2014)  
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( )m,50 S,50
1
H =H ln N
2
             
(40) 
Where N is the number of loading cycles within a 3-hour period (10800 seconds in 3 hours) 
S,50
10800s
N=
T
            (41) 
And finally, the period for the 50-year extreme wave height is computed again using Eq.39 and shown 
in Eq.42 
m,50
m,50
H
T =11.1
g
           (42) 
In summary, the maximum wave height is obtained from the significant wave height, and using the 
maximum wave height, the maximum wave period is obtained. Thus, substituting Eq.39 and Eq.42 in 
the drag and inertia equations shown in Eq.30, the maximum moment for this wave model can be 
found. 
7.2.3.2 1-year significant wave height Hs,1 
The 1-year significant wave height and period can be obtained through Eq.43-44 
S,1 S,50H =0.8H           (43) 
S,1
S,1
H
T =11.1
g
         (44) 
7.2.3.3 1-year extreme wave height Hm,1 
In the same manner as Hm,50, Hm,1 may be computed from Hs,1 using Eq.46 
( )m,1 S,1
1
H =H ln N
2
         (46) 
Where N for this model is found through  
S,1
10800s
N=
T
 where TS,1 is shown in Eq.44      (47) 
As a result, all the parameters required to estimate the maximum and minimum bending moment at 
the mudline for all wind and wave models are available. It may be reminded that the methods 
expressed are simplistic and have numerous assumptions and simplifications. The advantage lies in 
requiring the minimum amount of input and processing time to get a vivid loading history on wind 
turbine foundations. In reality, one must carry out complex operations using aero-servo-elastic 
simulations which require much more complex formulations and input such as accurate drag and 
inertia coefficients, site specific wind and wave readings, probability distribution models which best 
suit a given site, and accurate tower and blade geometry. Similarly, readers are referred to Sections 
2.6.4-2.6.10 for the calculation of the remaining loads on the structure.  
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7.3 Analysis of the Loads on the Structure  
After computing the loads on the structure, the capacity of the structural members and foundations 
must be checked against the limit states discussed in Section 7.1. In order to do that, simplified 
structural analysis must be performed. Considering the schematic shown in Figure 7.5 , the resistance 
components of a foundation can be split into 3 components; the vertical, horizontal and moment 
resisting components. These components counteract the actions by the lateral wind and wave loads, 
and the vertical weight. Four combinations may be considered: (a) both wind and wave loads are 
collinear, (b) wind and wave loads misaligned at 900 (c) wind and wave loads misaligned at 450 (d) both 
wind and wave loads acting at 450 to the structure and combinations a-d must be checked for the load 
cases discussed in Table 2.7 and Table 2.8. It may be noted that the resisting moment component 
shown in Figure 7.5 has been ignored in the static equilibrium formulations. This is because, in general, 
the reaction moment of each foundation will be small compared to the overturning moments 
produced by the wind, wave and current loads (Dean, 2010) and the axial resistance “V” (push-pull 
action) provides the main contribution. Moreover, the resistance values from different foundations 
will be assumed to have equal contributions. This is not necessarily correct as this depends on the 
stiffness of each foundation (which in turn is dependent on the stiffness of surrounding soils).  
However, the provided methods are reasonable for the purpose of preliminary design and it is 
recommended that accurate analysis methods such as the stiffness methods for plane frames or using 
a finite element package be used to increase the accuracy of the results. Through preliminary analysis, 
the highest loads in the brace occurs due to combination (a) whilst combination (d) produces the 
highest tension/compression forces in the jacket legs and foundations. Derivations for combinations 
(a) and (d) are shown below whilst the remaining cases are shown in Appendix B which are relevant 
to other loading combinations such as the FLS. A derivation for 3 legged jackets is also shown in the 
Appendix. The weight of the jacket (including buoyancy) may be computed as 
net Blades RNA Tower Jacket TPW =W +W +W +W +W        (48) 
Where it is assumed that the loads spread equally between jacket legs/foundations carry an equally 
as net
W
4
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Figure 7.5: Analysis of loads on jackets supported on OWTs 
 
7.3.1 Collinear Wind and Wave Loads 
 
Figure 7.6: Plan view of loading on the jacket 
Referring to Figure 7.6, F is the horizontal force whilst M denotes the resulting overturning moment. 
Taking the horizontal equilibrium of the system 
1 2 3 4 wind waveH +H +H +H = F +F                       (49)  
  
Assuming all horizontal resistance components of the foundation are equal  
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wind waveF +FH = 
4
          (50) 
Similarly, by taking equilibrium moments about the line 2-4 
1 bottom 3 bottom wind waveVL +V L +M +M = 0         (51) 
Assuming equal contributions from foundations 1 and 3 
( )1 3 wind wave
bottom
1
V = V  = - M +M
2L
                                                                    (52) 
where the negative sign is indicative of a force in the gravity direction 
Adding the component from the weight of the structure the equation may be adjusted to: 
( ) net1 3 wind wave
bottom
W1
V =V = - M +M -
2L 4
      (53) 
Similarly, the vertical loads on the foundations 2 and 4 may be estimated as  
( ) net2 4 wind wave
bottom
W1
V =V = M +M -
2L 4
      (54) 
Where Mwind and Mwave are calculated according to Section 7.2 
7.3.2 Collinear Wind and Wave Loads Acting 450 to the Structure 
Figure 7.7 shows a case where the turbine is yawed such that it is normal is along the diagonal of the 
jacket, with both wind and waves acting from point 1 towards point 4. 
 
Figure 7.7: Plan view of forces on the jacket 
In a similar manner to section to Section 7.3.1, the vertical loads on the foundations maybe computed  
wind wave net
1
bottom
M M W1
V  = - -
L 42
+ 
 
 
      (55) 
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net
2 3
W
V = V  = -
4
        (56) 
wind wave net
4
bottom
M M W1
V = -
L 42
+ 
 
 
      (57) 
It is important to note that in this case Fwave is different from the one for the previous case due to the 
orientation of the jacket against the wave load.  
7.3.3 Structural Forces on Bracing Members 
The joints between the bracing members and jacket legs are welded, which transfers moments 
between members and results in shear, axial, and bending stresses in the jacket members. Given the 
number of joints and members, the structure is statically indeterminate and different methods are 
available to obtain the solution. Plane frames can be solved using the stiffness method which is time 
consuming as it would consist of building large forcing and stiffness matrices on a spreadsheet 
program. Accordingly, a number of simplifications can be made in order to estimate the forces on the 
members and further refine the sizes. 
The first assumption is simplifying the jacket from a plane frame to a plane truss where the loads are 
only resisted axially in the structure i.e. it is assumed that the weld joint fixity does not greatly 
influence the balance of the forces in each member. Thus, simplified approximate methods available 
in literature are used to give a preliminary estimate of the member axial forces. For instance, the work 
of Rebielak (2014) involves splitting the truss into two sets of determinate trusses, each carrying half 
of the force, and then summing the axial forces in the remaining members using super-position. 
In this chapter, the classical method of sections will be used on the first bay above the supports 
(foundations). In a given loading direction, it is also assumed that the jacket legs resist the gravity loads 
and the push-pull forces (V) resulting in the over-turning moment and the braces resist the horizontal 
“shear loads” (H). In reality, due to the leg batter some of the shear forces are also resisted by the 
legs. The braces will resist the lateral forces in both tension and compression as shown in Figure 7.8. 
 
Figure 7.8: Structural forces on bracing members 
Using the method of sections, the horizontal equilibrium results in the following compressive forces 
on the brace members. 
b h2H=2F cosθ => b
h
H
F =
cosθ
 where wind wave
F +F
H=
4
    (58)   
In the case of wind and wave loads being misaligned by 450 the value of H in the equation changes to 
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wind waveF FH= cos 45
4 4
+        (59) 
Subsequently, the highest brace compression force is expected to occur when the wind and wave are 
aligned in the direction parallel to the braces. The axial compression capacity of a steel tubular 
member maybe computed using the guidance of building codes. In the solved example, the API 
method will be used. The capacity of the joints and the adequacy of the leg thickness to resist punching 
shear has to be checked. Detailed criteria and formulations are available in the API code to analyse 
complex overlapping joints. The shear stress from compressive axial loads, a simplified method 
provided by Dawson, (1983) will be used and is also presented in Appendix B. 
7.4 Analysis of the Foundation Size 
After computing the loads and the capacity of the structural members and reiterating, the capacity of 
the foundation due to a selected size can be computed. In recent wind farm developments, jackets 
have been supported on suction caissons or piles. For instance, suction caissons have been used in 
Aberdeen offshore wind farm and piles have been used in Beatrice wind farm. The type of the 
foundation is dependent on numerous factors such as client requirements, legal noise restrictions, 
type and availability of barges, ground conditions, susceptibility of scour holes, and overall material 
requirements. As one of the aims of this chapter is to facilitate the concept design of foundations, 
different methods for deep and shallow foundations have been extensively discussed in the literature 
review and will be used in the solved example. The following sequence is suggested to obtain initial 
dimensions of the foundation: 
• Start with a foundation diameter and an estimated thickness that satisfies the installation 
criteria. 
• Using the calculated vertical load, the required length can be obtained from the ultimate axial 
capacity of the foundation. This should be checked for both foundations under tensile and 
compressive loads. 
• Using the obtained initial dimensions, the lateral capacity of the foundation can be checked 
against the ultimate lateral loads. 
• If required, check the capacity of the foundations under combined loads. 
• Obtain the foundation stiffness for SLS and natural frequency calculations. 
• Iterate the steps above until the dimensions of the foundations are optimized. 
It may be noted that the order of these steps may be interchanged based on the designer’s experience. 
The formulations to compute the axial and lateral pile capacity have been extensively discussed in 
Chapter 2 (Sections 2.1 and 2,2) and the formulations will be used in the solved examples.  
In the solved example, the API approach is used due to its simplicity and is described here for cohesive 
and cohesionless ground profiles. The NGI and ICP methods require CPT data and are more suited 
towards detailed design of the foundations. 
7.5 Estimation of the System’s Stiffness for Deformation and Natural Frequency Calculation 
After obtaining the foundation size, the SLS and natural frequency criteria must be checked. The 
foundation deformation must be checked against allowable limits as well as the deformation of the 
turbine at hub height (if a limit is imposed by the turbine manufacturer). For axially loaded piles, the 
deformation is not as critical as the ultimate capacity, nevertheless checking that movements of the 
structure are within acceptable limits is an important part of the design. In order to calculate the 
natural frequency, the Equations developed in Section 6.2 of the thesis are used. Similarly, to calculate 
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the deformations, the “2-section” method developed in Section 6.4.2 and checked against the 
minimum foundation length equations developed in in Section 6.5.  
7.6 Prediction of the Long Term Natural Frequency of the System 
The dynamic soil structure interaction and the shift of the natural frequency for wind turbines 
supported on multiple foundations has also been extensively discussed in Section 2.7.1. As a reminder, 
the soil stiffness changes with the number of loading cycles and thus, with the change of stiffness, the 
overall natural frequency of the system shifts and it must be ensured that the shifted natural 
frequency does not coincide with the forcing frequencies. This methodology for this will be shown in 
the solved example.  
7.7 Predicting the Fatigue Life 
Fatigue design is an important step for both the jacket structure and supporting foundations which is 
due to the initiation and propagation cracks under cyclic loading until failure occurs. The preliminary 
sections determined by the previous design steps can then be altered (usually through increasing the 
member’s thickness) to increase the fatigue life of structure. In detailed design, the fatigue analysis is 
performed on both the joints and the members to obtain the minimum fatigue life. The fatigue 
damage is usually assessed through standard S-N curves combined with the application of the 
appropriate stress concentration factors (SCFs). Damping also plays an important role in fatigue 
analysis. Damping in OWTs is a complex phenomenon and has been discussed in (Arany, et al., 2016). 
Damping is mainly attributed to structural damping, soil damping, hydrodynamic damping, and 
aerodynamic damping.  In the design of the Upwind jacket, De Vries, et al., (2011) used 4.5% damping 
when the wind and waves are collinear and 0.5% when wind and waves are misaligned at 450. Other 
studies considered damping either empirically or theoretically including ( Camp, et al., 2004); (Tarp-
johansen, et al., 2009); (Versteijlen, et al., 2011); (Damgaard & Andersen, 2012);  (Damgaard, et al., 
2013) ( Shirzadeh, et al., 2013). Based on these studies and other estimates and in the absence of 
other data, the following assessment of damping ratio contributions is recommended: 
• Structural damping: 0.15-1.5%. The value of structural damping depends on the connections 
in the structure (such as welded connections, grouted connections, etc) in addition to material 
damping (usually steel) through energy dissipation in the form of heat (hysteretic damping). 
• Soil damping: 0.444-1%. The sources of damping resulting from soil-structure interaction (SSI) 
include hysteretic (material) damping of the soil, wave radiation damping (geometric 
dissipation) and, to a much lesser extent, pore fluid induced damping. Wave radiation 
damping and pore fluid induced damping are negligible for excitations below 1Hz, and 
therefore hysteretic damping is dominant for the purposes of this study. The soil damping 
depends on the type of soil and the strain level.   
• Hydrodynamic damping: 0.07-0.23%. Results from wave radiation and viscous damping due 
to hydrodynamic drag. In the low frequency vibration of wind turbines the relative velocity of 
the substructure is low and therefore viscous damping, which is proportional to the square of 
the velocity is typically very low. The larger contribution results from wave radiation damping, 
which is proportional to the relative velocity. 
• Aerodynamic damping: in the fore-aft direction for an operational turbine 1-6%, for a parking 
turbine or in the crosswind direction 0.06-0.23%. Aerodynamic damping is the result of the 
relative velocity between the wind turbine structure and the surrounding air. Aerodynamic 
damping depends on the particular wind turbine, and is inherent in the popular Blade Element 
Momentum (BEM) theory for aeroelastic analysis of wind turbine rotors. The magnitude for a 
particular wind turbine also depends on the rotational speed of the turbine. 
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The total damping of the first mode of vibration is typically between 1-4% in side-to-side vibration, or 
parked or stopped or idling turbine. On the other hand, the total damping is between 2-8% for an 
operational wind turbine in the fore-aft direction. Moreover, in fatigue analysis, it is also useful to 
have a better assessment of the drag and inertia coefficients as discussed in Section 7.3. In OWT 
applications, the applied stress are amplitudes imposed by the 1P,3P, wind and wave loads (each of 
which have a variation of their own). Thus, the cumulative damage of these variations can be 
preliminary assed using the Palmgren-Miner rule. In reality, the cumulative fatigue damage due to 
other factors such as fabrication, transport, and installation should also be taken into account. The 
(DNV-RP-C203, 2011) provides S-N curves for element and joint fatigue as well as guidance on how to 
calculate the SCFs.  
7.8 Step-by-Step Solved Example 
Step 1 Collect Input data 
Detailed designs of jackets and foundation supporting offshore wind turbines are not available in the 
public domain, thus for the purpose of comparison, the jacket designed in the Upwind report (De 
Vries, et al., 2011) will be used as a baseline. The windfarm is located in a site on the border of the 
Dutch and British waters with an average water depth of 50m. The met-ocean conditions are available 
in the public domain in the Dutch National Institute for Coastal and Marine Management. Table 7.1 
summarizes the met-ocean data: 
Table 7.1: Summary of met0ocean conditions 
Mean Water Depth (m) 50 
50-Year Significant Wave Height Hs,50 (m) 8.27 
50-Year Significant Wave Period Ts,50 (s) 10.97 
50-Year Maximum Wave Height Hm,50 (m) 15.33 
 
The jacket is will support a 5 MW wind turbine and the details are summarized in Table 7.2. Details of 
the main components of the wind turbine can be found in (Jonkman, et al., 2009).  
Table 7.2: Summary of 5MW turbine characteristics  
Tower 
 Tower Height, hT (m) 70 
Bottom Diameter, Dbottom (m) 5.6 
Top Diameter, Dtop (m) 4.0 
Distributed Mass, mT (kg/m) 3730 
Rotor-Nacelle Assembly RNA 
Mass of RNA, MRNA (kg) 350000 
Rotor Diameter (m) 126 
Rated Wind Speed UR (m/s) 11.4 
Rotor Speed Range (rpm) 6.9-12.1 
Transition Piece 
MTP (kg) 666000 
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The ground profile is comprised of a sandy soil where the stratigraphy can be found in (Fischer, et al., 
2010) and is summarized in Figure 7.9. The idealized stiffness variation with depth is also shown and 
the angle of internal friction φ’ is 350 in the entire stratum. 
 
Figure 7.9: Stiffness variation with depth 
 
Step 2: Obtain external jacket dimensions 
The platform height from the mudline is as per Eq.1 
platform m,50 s,50z =S+H +0.2H =50+15.33+0.2(8.24)=67m  
Ltop is taken as 8m based on the size of the tower bottom diameter and the concrete transition piece. 
Due to the height of the jacket, a guess of the batter angle αv is taken as 1.750 and due to height of 
the jacket and four levels of bracing are selected. 
1 1
1
N N
4
top j vbottom
top top
L +2h tanαL 8+2(67)tan(1.75)
m= = = =1.11
L L 8
     
             
  
N
j 1 1 j N 4
m -1 m-1 1.11-1
h =h =>h =h =67× =14.25m
m-1 m -1 1.11 -1
 
Hence, the height of each bay may be calculated as: 
2 1h =mh =1.11×14.25=15.8m  , 3h =1.11×15.80=17.5m , 4h =1.1×17.18=19.43m  
Similarly, the bay widths are calculated ass  
1 topL =mL =1.11×8=8.9m , 2L =1.11×8.9=9.9m , 2L =1.11×9.9=10.9m , bottomL =1.11×10.9=12m  
The brace angle is calculated according to Eq.7 
( ) ( )
1 1 0
v
m-1 1.11-1
tan tan 59.7
m+1 tan 1.11+1 tan1.75
h

− −
   
= = =   
   
. Which satisfies the minimum angle 
between brace and leg of 300 
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The preliminary external dimensions are summarized in Figure 7.10. 
 
Figure 7.10: Initial jacket dimensions 
 
Step 3: Obtain initial jacket leg and brace size based on ffb 
Based on the data of Table 7.2, the PSD is shown in Figure 7.11, a target frequency of 0.3 Hz is selected 
as it is distant from the peak wave load frequencies and takes into account that the natural frequency 
might shift inwards as soil degrades throughout the design life of the wind turbine. 
 
Figure 7.11: PSD for the 5MW wind turbine at the proposed site 
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The Chapter 6 formulation for fixed base jackets is used to back calculate the Jacket leg section 
needed. 
( )( )
T-J
fb 3
eq total RNA total
3EI1
f
2π 0.243m h M h
=
+
 
( )( )
12 2T-J
T-J3
3EI1
0.3 EI 1.44×10 Nm
2π 0.243(3730×140) 350000 140
= = =
+
 
It may be noted that meq used here is 3730 kg/m which is the tower distributed mass mT. This is 
because as shown in Figure 6.8, the ratio of meq/mT is close to 1 for practical sizes of OWTs and can be 
used for preliminary estimates. Hence, the value of mT was used to get an initial estimate of the jacket 
leg which then can permit the computation wave loads on the structure. Moreover, the value of meq 
will be recalculated when finding the natural frequency of the structure after a refined estimate of the 
jacket mass mJ is obtained.  
From the stiffness of the Jacket tower, the equivalent stiffness of the jacket may be calculated 
( )
3
J T
T-J T T 3
T
h h1
EI E I
h1 1 ψ χ χ
   +
 =    + + −   
 where the equivalent tower stiffness is calculated as 
top bottom
T
D D 4 5.6
D 4.8m
2 2
+ +
= = =  
T
T
T T
m 261100
t 31.5mm
ρπh D 7850 π 70 4.8
= = =
  
 
This represents an average tower thickness that will permit the computation of the tower bending 
stiffness. In reality, OWT towers have a varying thickness with height which must be taken into account 
during the detailed design stage. 
3 3 4
top top T
π π
I D t 4 0.0315 0.7732m
8 8
= =   =  
bottom
top
D 5.6
q 1.4
D 4.0
= = =  
( )
( )
( )
( )( )
3 32 2
2 2
2q q 1 2 1.4 1.4 11 1
f(q) 2.145
3 q 2lnq 3 4q 1 3 1.4 2ln 1.4 3 4 1.4 1
−  −
=  =  =
− + −  − +  −
 
f(q)EIEI topT =  
11 11 2
TEI 2.1 10 0.7732 2.145 3.48 10 Nm=    =   
And J
T
h 67
ψ 0.96
h 70
= = =  
( )
3
12 11
3
1 67 70
1.44×10 3.48 10 χ 0.12
701 1 0.96 χ χ
  + 
 =    = =    + + − 
 
where 
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12 2T T
J J
J J
E I
0.12 E I 2.8 10 Nm
E I
 = = = =   which is the equivalent stiffness of the “tapered” jacket 
f(m)EIEI topJ =  
bottom
top
L 12
m 1.5
L 8
= = =  
( )
( )
( )
( )
3 3
2 2
m m 1 1.5 1.5 11 1
f(m) 1.88
3 m 2mln m 1 3 1.5 2 1.5 ln 1.5 1
−  −
=  =  =
− − −   −
 
12 4
top top2.8 10 EI 1.88=>I 7.08m =  =  
Which means that the area of the jacket required to maintain the natural frequency  
2
c top 2
top c
A L
I A 0.11m
4
= = =  
An initial guess of the jacket leg is 1000x0.04 which has a cross-sectional area of 0.12m2. 
It may be reminded that the mechanical model does not include the contribution of the braces. The 
mechanical model assumes that the horizontal and diagonal members are connection members. 
Hence, they maintain the stability of the truss and are not included in the calculation of the moment 
of inertia. In reality, some shear stiffness is provided by the diagonal members where they transfer 
unbalanced axial forces from one leg to the other. However, it is important to obtain an estimate of 
the brace size in order to calculate the wave loads and the recommendation by (Kumar, et al., 1985) 
for effective shear transfer between the jacket and legs will be used 
2brace
brace
leg
A
0.2 A 0.024m
A
= = = ,  
and as per (Chakrabarti, 2005) the ratio of the diameters of the braces to the leg  
brace
brace
leg
D
0.4 D 0.4m
D
= = =  
and a thickness t of 20mm, which results in a D/t of 20 which is on the lower limits of the 
recommended values provided in Table A-1 in Appendix A and so the diameter is increased 0.6 which 
then increased the D/t value to 30.  
Step 4: Calculate Ultimate Wind and Wave loads for load cases Extreme Wave load and Extreme 
wind load scenarios 
As preliminary jacket sizes have been obtained, the wind and wave loads on the structure can now be 
calculated. The Extreme Wave Load and Extreme Wind Load scenarios Table 2.8 are calculated as 
follows 
Step 4-1 Calculate the wind load for the Extreme Turbulence model and Extreme Operating Gust  
( )
2
NTM a R T R
1
F = ρ A C U +u
2  
( ) ( )R
T 2 2
R
3.5 2U +3.5 3.5 2 11.5+3.5
C = 0.7
U 11.5

= =
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avg hub
U,ETM ref
U U 11.5 11.5
σ =cI 0.072 +3 -4 +10 2 0.18 0.072 +3 -4 +10 4
c c 2 2
        
=  =        
       
  
where c=2m/s and for simplicity, Uhub and Uavg are taken as UR 
ETM,f1>1p is also computed as   
( )U,ETM,f>1p uu U,ETM 2 2
f1p,max 3 3
K
1p,max
R
1 1
σ = S f df =σ 4 1.2
6 340.2 12.16L
+1f +1
11.5 60U

= =
   
  
  

    
Also assuming the turbulent speed follows a normal distribution but taking a 95% confidence 
interval, uETM can be calculated as shown in  
ETM U,ETM,f>1pu =2×σ =2×1.2=2.4m/s  
Which means the maximum force is calculated as  
( ) ( )
2 2
NTM a R T R
1 1
F = ρ A C U +u = ×1.225×12469×0.7× 11.5+2.4 =1.03MN
2 2
 
( )NTM NTMT j TM =F h +h =140.9MNm  
The same process was repeated the 50-year EOG condition  
EOGF =2.17MN  
EOGM =297.29MNm  
Step 4-2: Calculate the wave loads for the 1 and 50-year Extreme Wave Height  
The 1-year Extreme Wave Height can be calculated from the 1 year significant wave height, which in 
turn is calculated from the 50 year extreme wave height  
S,1 S,50H =0.8H =0.8×8.27=6.6m  and 
S,1
S,1
H 6.6
T =11.1 =11.1 =9.1s
g 9.81
  
where 
S,1
10800s 10800
N= 1187
T 9.1
= = => m,1H =12.42m  and m,1
12.42
T =11.1 =12.49s
9.81
 
Similarly, for the 50-year Extreme Wave Height 
( )m,50 S,50
1
H =H Ln N
2
 where 
10800s
N= 985
10.97
= => m,50H =15.29m  and m,50
15.29
T =11.1 =13.86s
9.81
 
Using the obtained wave height and period, the wave forces on all members as a variant of time may 
be calculated using the methods discussed in Section 7.2. Hence, the wave time and wave period 
obtained from the DNV recommendations are used in Airy’s wave theory which are then converted 
into forces using Morisson’s equation. As Airy’s linear theory is a function of time and the highest load 
is selected. 
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Following, the total forces and moments are summed to obtain the maximum horizontal load on the 
supports. The forces are then multiplied by a DAF to include the dynamic effects as follows: 
For the 1-year Extreme Wave Height 
2 2
2 2 2 2
0 0
1 1
DAF= 1.1
0.09 0.09f f
1- + 2×0.05×1- + 2ζ
0.3 0.3f f
= =
          
                     
 
For the 50-Year Extreme Wave Height 
2 2
2 2 2 2
0 0
1 1
DAF= 1.06
0.072 0.072f f
1- + 2×0.05×1- + 2ζ
0.3 0.3f f
= =
          
                     
 
Table 7.3 Summarizes the total load on the structure for given load cases 
Table 7.3: Summary of applied loads 
Wind Load 
FNTM 0.99MN 
FEOG 2.09MN 
METM 135.68MNm 
MEOG 286.28MNm 
Wave Load 
F1,m (Including DAF) 1.71MN 
F50,m (Including DAF) 2.69MN 
M1,m (Including DAF) 63.17MNm 
M50,m (Including DAF) 97.5MNm 
Load Combinations (Collinear)* 
FNTM+ F50,m 4.97MN 
FEOG+ F1,m 5.13MN 
MNTM+ M50,m 314.79MNm 
MEOG+ M1,m 470.76MNm 
 
*Note: Values of the load combination have been multiplied by 1.3 as per recommendations of DNV-
OS-C101 
Step 5: Calculate the structural capacity of the members and iterate until safety  
The maximum horizontal load on each support is 
wind waveF +F 5.13H= = =1.29MN
4 4
, hence the approximate compressive force on the lower braces is  
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b
h
H 1.29
F = = =2.54MN
cosθ cos 59.5
 
For the compressive resistance, API guidance will be used for tubular members. 
For the slenderness, k of 0.8 is recommended for the braces which means the slenderness ratio 
kL 0.8×22.57
= =88
r 0.205
 
where 22.57m is the length of the longest brace in the bottom most bay and 0.205m is the radius of 
gyration for the initial brace section 0.6m diameter and 20mm wall thickness 
As per API regulations, the allowable stress for compression of tubular members is computed as  
2
y
c
allowable 3
c c
kL
1-
2rC
=
5 3kL 1 kL
3 8rC 8 C

  
  
   
 
+ −  
 
f
r
 where 
2
c
y
2
C = 108.05

=
E
f
 
Hence,  
2
y
allowable y3
88
1-
108.05 2
= 0.35
5 3×88 1 88
3 8×108.05 8 108.05

  
      =
 
+ −  
 
f
f
  
Which means that the compressive total axial load that can be carried by the brace is: 
 allowable brace
A
F=
1.15

where 1.15 is the material safety factor steel 
Hence, 
allowable braceA 0.35 355 0.036F= 3.9MN
1.15 1.15
  
= =  
which is greater than the applied load on the brace of 2.52MN, 
The next step is to check the maximum compressive forces on the legs. It is evident that the maximum 
load case on the legs (and subsequently the piles) is when both the Wind and Wave Loads act on 45 
degrees to the global x-axis. The wave loads have been recalculated based on the new orientation and 
the loads were similar to the ones obtained in Table 7.3. The self-weight of structure including 
buoyancy of the submerged members and a safety factor of 1.3 is 18.72 MN. For members in tension, 
the favourable safety factor is 0.9 (Wnet is 14.4MN). 
The axial loads on the legs, which include net weight (with buoyancy) and the effect of the lateral wind 
and wave loads can be calculated as: 
1
1 471.76 18.72
V =- - =-32.47MN
12 42
 
 
 
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4
1 471.76 14.4
V = - =+25MN
12 42
 
 
 
 
Similarly, the axial compressive strength of the member can now be calculated for the jacket leg. This 
is done using the k (for slenderness calculation) value of 1 taken from Table A-1 in Appendix A and a 
leg length of 19.4m which is the length of the leg of the bottom most bay. Using this information, the 
axial resistance of the initial sizing estimate of the jacket leg tubular member (1000x40) is less than 
the applied compressive load 32.72. Therefore, the size was increased to 1200x65 in order to achieve 
a resistance of : 
kL 1.0×19.4
= =48.26
r 0.404
 
2
y
c
allowable 3
c c
kL
1-
2rC
=
5 3kL 1 kL
3 8rC 8 C

  
  
   
 
+ −  
 
f
r
 where 
2
c
y
2
C = 108.05

=
E
f
 
Hence,  
2
y
allowable y3
48.26
1-
108.05 2
= 0.49
5 3×48.26 1 48.26
3 8×108.05 8 108.05

  
      =
 
+ −  
 
f
f   
Which means that the compressive total axial load that can be carried by the leg is: 
allowable braceA 0.49 355 0.232F= 35.09MN
1.15 1.15
  
= =  
 
As the member sizes have been increased, a second iteration has been performed and the wave 
loads have been recalculated  
Table 7.4: Recalculated loads 
Wave Load 
F1,m (Including DAF) 1.89MN 
F50,m (Including DAF) 2.95MN 
M1,m (Including DAF) 69.63 MNm 
M50,m (Including DAF) 106.75MNm 
Load Combinations (Collinear)* 
FNTM+ F50,m 5.33MN 
FEOG+ F1,m 5.38MN 
MNTM+ M50,m 325MNm 
MEOG+ M1,m 480.08MNm 
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Recalculating the load on the brace 
b
h
H 1.34
F = = =2.63MN
cosθ cos 59.5
 
And the compressive and axial forces on the legs 
1
1 480.08 22.24
V =- - =-33.7MN
12 42
 
 
 
 
4
1 480.08 15.408
V = - =+25MN
12 42
 
 
 
 
Which are both lower than the resistant compressive capacity and hence the jacket leg sizing is 
satisfactory for ULS. 
Step 6: Size the foundation based on the ULS capacity 
The next step is to size the piles based on the ULS criteria. The pile diameter obtained in the UpWind 
project was 2.082m and a penetration depth of 50m. In this section, the API equations for calculating 
the pile axial capacity (Eq.36-38 in Chapter 2) will be utilized to calculate the pile diameter required to 
achieve 50m penetration depth.  In practice, grouting requirements and different combination of pile 
diameters and lengths must be taken into account to achieve an optimized pile dimension. 
A material safety factor of 1.15 and a global safety factor of 1.25 have been used accordingly. For 
“soft” soils, the stratigraphy of the site can be found in the public domain report (Fischer, et al., 2010) 
where the angle of friction of the ground profile is approximately ϕ’=350. In the absence of site specific 
data, the (CUR, 2001)recommendation for steel piles in sands are used where interface angle δ of 290 
is used. It is recommended that site specific ring shear tests are performed to obtain the value of δ. A 
scour depth of 1.2DP is considered as per recommendations of the DNV. From Table 2.2 the limiting 
value for shaft friction can be taken as 95.7 kPa.  
It was found that the tension load governed the design and Figure 7.12 shows the cumulative shaft 
friction with length which is calculated using Eq.36 for a 2.5m diameter pile. As shown in the figure 
the resistance of 25MN is achieved at 50m penetration which is larger than the diameter achieved by 
the Upwind project given the simplified analysis of the pile resistance. 
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Figure 7.12: Cumulative shaft friction  
 
The initial thickness of the pile is based on the API pile driving equation 
D 2500
t=6.35+ =6.35+ 32mm
100 100
  
Step 7: Check the natural frequency  
At this stage of the design, the jacket leg section is 1200mmx65mm, the brace section is 600x30 which 
leads to a distributed mass of the jacket mJ=8850kg/m. Using this updated information about the 
jacket and supporting piles, a refined natural frequency can now be calculated as follows: 
Step 7.1: Obtain the jacket stiffness EIJ 
As shown in Figure 6.1, the mechanical model is idealized in 2D and thus Ac is representative of 2 jacket 
legs, hence the Area of 2 legs of 1.2m and 65mm wall thickness : 
( )2 2
2
C
π 1.2 1.07
A =2 =0.463m
4
−
  
2
4
top
0.463×8
I = =14.816m
2
,
12
m 1.5
8
= = ,
( )
( )
3
2
1.5 1.5 11
f(m) 1.86
3 1.5 2 1.5ln m 1.5
−
=  =
−  −
,
11 12 2
JEI =2.1×10 ×1.86×14.83=5.79×10 Nm  
 Step 7.2: Obtain tower stiffness EIT 
T
4 5.6
D 4.8m
2
+
= = , T
261100
t 31.5mm
7850 π 70 4.8
= =
  
, 3 4
top
π
I 4 0.0315 0.7732m
8
=   =
 , 
5.6
q 1.4
4.0
= = ,
( )
( )( )
32
2
2 1.4 1.4 11
f(q) 2.145
3 1.4 2ln 1.4 3 4 1.4 1
 −
=  =
 − +  −
, 
11 11 2
TEI 2.1 10 0.7732 2.145 3.48 10 Nm=    =     
Step 7.3: Obtain equivalent tower-jacket stiffness EIT-J 
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67
ψ 0.96
70
= = ,
11
12
3.48 10
0.06
5.79 10


= =

,
( )
3
11 12 2
T-J 3
1 67 70
EI =3.48 10 1.97 10 Nm
701 1 0.96 0.06 0.06
  + 
    =     + +  − 
 
Step 7.4: Obtain the equivalent distributed mass meq 
The next step is to obtain the refined value of meq which is a function of both mT and mJ. As shown in 
Chapter 6, the value of meq is dependent on the integral of square of the first mode shape, which in 
turn is a function of λ. λ is the root of the solution of the frequency equation of a cantilever beam and 
can be obtained from a standard structural dynamics textbook to be 1.8751. Hence, the integral can 
then be solved as follows: 
1λ 1.8751= =0.0136
L 67+70
 
1 1
1
1 1
cosλ +coshλ cos1.8751+cosh1.8751
β =- =- =-0.7341
sinλ +sinhλ sin1.8751+sinh1.8751
 
2 2 2
2 1 1 1 1 1 1 1 1 1 1 1
1
1 1 1 1 1
2 2
1 1 1 1 1 1
1 1
1-β 2λ β 2λ 1+β 2λ β 2λ 2β λ λ
φ dz=z+ sin z- cos z+ sinh z+ cosh z- sin z×sinh z-
4λ 2λ 4λ 2λ λL L L L L L
L L L L L
1+β λ λ 1-β λ λ
sin z×cosh z- cos z×sinh z
λ λL L L L
L L

  
Hence, evaluating the integral at the intervals: 
67
2 2
1 1
0 0
155 46 109
Jh
z z = = − =  , 
137
2 2
1 1
67
1126 155 971
J T
J
h h
h
z z 
+
= = − =  ,
137
2 2
1 1
0 0
1126 46 1080
T Jh h
z z 
+
= = − =   
( ) ( )
J J T
J
T J
h h +h
2 2
J 1 T 1
0 h
eq h +h
2
1
0
m φ dz+m φ dz
8.85 109 +3.73 971
tonsm = = =4.24
m1080
φ dz
 

 
Step 7.5: Calculate ffb 
( )( )
T-J
fb 3
eq total RNA total
3EI1
f = =0.34Hz
2π 0.243m h +M h
 
*It has been previously shown in Chapter 6 that the mass of the transition piece does not greatly 
influence the natural frequency. However, Chapter 6 provides a method to incorporate the mass of 
the transition piece. 
Step 7.6: Calculate the foundation flexibility and f0 
For this step, an estimate of the vertical stiffness of the foundation is required to calculate the 
flexibility coefficient CJ. The method in Fleming, et al., (1992) is used to compute the vertical stiffness 
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as previously discussed in Chapter 4. As the pile has a high embedment depth LP (50m) most of the 
service load is carried by the shaft friction and the contribution from the base is minimal and is 
therefore ignored. The formulation can then be written as follows:  
( )
__
6
p s 9
v
2π 50 15 102πL G
k = 1.12×10 N/m
ζ 4
 
= =  
Where 
__
sG   is the average between the top and bottom of the pile and calculated to be 15 MPa [see 
Figure 7.9] (average of the shear modulus between 0m and 50m)] 
bottom
2 9 2 10
R v
α 1
k =k L =1.12×10 ×12 × =8.1×10 Nm
1+α 1+1
   
   
   
 and  
10
R total
12
T J
k h 2 8.1 10 137
11.26
EI 1.97 10

−
  
= = =

and J
τ 11.26
C 0.89
τ 3 11.26 3
= = =
+ +
  
0 J fbf C f 0.89 0.34=0.30Hz=  =   which is between 1P and 3P. The DAF will not vary much and the loads 
need not to be recalculated. As the structure is symmetric, the natural frequency of both orthogonal 
and diagonal directions can be assumed to be same.  
Step 8: The change in natural frequency 
The variation of the natural frequency with soil stiffness is shown in Figure 7.13. This is done by varying 
the average shear modulus at certain increments up to 50%. The change in the shear modulus would 
change the value of CJ which in turn would affect the value of the natural frequency. From the figure, 
it can be seen that a 20% variation in the stiffness of the entire stratum only leads to a 2% variation in 
the natural frequency. This is due to the high contribution of the pile length to the overall vertical 
stiffness. Thus, jackets supported by deep foundations are less likely to be affected, whilst shallow 
foundations might have a higher variation due to a higher dependency on soil stiffness and rocking 
modes may be achieved. 
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Figure 7.13: Change of natural frequency with soil stiffness 
 
Step 9: Calculate the deformation at Hub Height 
The deformation of this structure is a SLS criteria and for this the E-1 load case (Normal Operating 
Conditions) in Table 2.8 with a load factor of 1.0 is used. For this load case, the wind load is calculated 
using the NTM model and was found to be 0.91 MN, and the wave loads using the 1-year extreme sea 
state and was calculated to be 0.5MN and imposing a moment of 19.92MNm on the foundations. The 
eccentricity of the wave load is then calculated as 19.92/0.5= 39.84m, which means “a” in Figure 6.21 
is the total height – the eccentricity 137-39.84=97.16m. Hence, the deflection due to wind and wave 
loads can be calculated as follows:  
( ) ( ) ( )2 2 2 23 total totalwave total total wave total
wave
R J
h -a a h -aF h h -a F h
+ -
k 3EI 3 2

 
 =
  
 
( ) ( )3 3 2 26 6
wave 10 12
137 -97.16 97.16 137 -97.160.5×10 ×137×39.84 0.5×10
+ - =0.0367m
8.1×10 3×5.36×10 3 2

 
 =
  
 
Whilst the deformation of the structure due to the wind load is obtained by using the equivalent 
stiffness of the tower-jacket system EIT-J can be computed as 
2 3 6 2 6 3
wind total wind total
wind 10 12
R T-J
F h F h 0.91×10 ×137 .91×10 ×137
+ = + =0.606m
k 3EI 8.1×10 3×1.97×10
 =  
These estimations can give a preliminary check against allowable turbine movements. Note that the 
wave load is conservatively estimated using an equivalent point load and the shear stiffness of the 
braces is not incorporated in the system. However, the formulation assumes a linearly elastic 
foundation and must be further refined with advanced models which incorporate the plasticity and 
non-linearity of the surrounding soils such as t-z curves.  
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Step 10: Predict the fatigue life  
As previously discussed in Section 7.5, predicting the fatigue life of the members is an important 
aspect of the design for both the jacket sectional sizes and the connections to the supporting piles. 
The section also recommends preliminary S-N curves than can be easily incorporated using an FE 
solver in order to calculate the SCF and the estimated fatigue life.  
7.9 Comparison with Detailed Design 
It is interesting to note the similarities between the sizes of the jackets proposed by this method and 
the one reported in (De Vries, et al., 2011) which are summarized in Table 7.5. The simplified method 
results in acceptable section sizes. In the design of the UpWind jacket, BLADED software was used to 
estimate the hydrodynamic loads which results in a more accurate time history of the loading. 
Moreover, FE packages were employed to assess the structural stiffness and fatigue life of the 
members and the joints. Finally, the foundations were modelled using the standard approach of 
distributed along the depth of the pile which leads to a better estimate of the required diameter and 
depth.   
The proposed method could be reiterated with a different brace angle, number of bays, leg batter, 
foundation type, and an advanced fatigue analysis which would result in more accurate section sizes.  
Table 7.5: Summary of results 
Element Proposed method UpWind Jacket 
Jacket Height 67m 67m 
Jacket Leg Section 1200x60 1200x50 
Jacket Brace Section 600x30 800x20 
Foundation Size 
2.5m Diameter. 50m 
Penetration and 32mm wall 
thickness 
2.082m Diameter. 50m 
Penetration and 60mm wall 
thickness 
 
It may be reminded that the dimensions obtained from the proposed 10-step method represent a first 
order estimate of the jacket and foundation dimension required for this turbine at the given site. This 
is based on simplified analysis. Further analysis must be performed to optimize the design such as (but 
not limited to): 
• The loads may be computed using aero-servo-elastic simulations and accurate drag and inertia 
coefficients should be derived for the wave loads. 
• Nonlinear structural analysis should be performed with a suitable finite element package to 
obtain refined structural forces on members. 
• The relative motion between the structural components and the water should be taken into 
account (refined dynamic effects). 
• Incorporation of aerodynamic, structural, and soil damping in the analysis to limit the 
deformations. 
• A more rigorous geotechnical analysis such as optimizing the capacity from CPT logs using the 
ICP or UWA or NGI methods and accounting for the change of soil stiffness with applied cyclic 
loads. 
• A detailed fatigue analysis using the correct loading amplitude, concentration factors, and 
probability distribution. 
• The capacity of the structural members during construction and lifting must also be checked. 
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7.10 Conclusion 
The design of offshore wind turbine jackets is a complex and multidisciplinary task. In this Chapter, a 
simplified method is proposed, and a flowchart is presented to capture interdisciplinary nature of the 
challenge. The Chapter shows that both strength and stiffness of the system play an important role in 
the overall performance. The method also shows the iterative nature of the design and how the 
structural and foundation stiffness are interconnected in the steps. An example problem is taken to 
show the application of the simplified method which resulted in similar dimensions to a more detailed 
design.  Detailed set of conclusions will be drawn in the following final chapter of the thesis. Upon 
reflection on the work of this chapter it is hoped that the solved example has demonstrated that some 
benefits can be achieved from using this method. For instance, there are cost savings in terms of time 
which lowers the labour costs, and the lower dependence on engineering software which lowers the 
capital costs. The method also allows easy alteration of sizes and jacket sizes and arrangements 
without great loss of time such that the best size is optimized. However, it is also clear that more 
examples are required to further consolidate the confidence in the method. 
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Chapter 8: Conclusion and Future Work 
Offshore wind turbines are novel type of structures that are subjected to numerous cyclic and dynamic 
loads. The design of the supporting structures is a complex process that is multidisciplinary and 
complex in nature and the design requires a sound understanding of the loads, structural analysis, 
geotechnical foundation analysis, and soil-structure interaction. Through experiences from previous 
offshore windfarms, it is evident that foundations play a key role in the overall capital costs, which 
means early decisions regarding the foundation system are crucial for the longterm finances of the 
project.  
This thesis presented a simplified method to perform the preliminary design of jacket supported 
offshore wind turbines through developing tools for estimating the foundation stiffness and simplified 
dynamic performance, as well as providing influencing non-dimensional groups to assist engineers in 
the concept design process of jackets. This work builds upon the research group’s previous efforts in 
assessing the simplified methods to design monopiles supporting OWTs using minimum input where 
the main objective was to enable conservative estimates of the support structures. 
The aim of this chapter is to provide an overview of the main outcomes of this thesis and to discuss 
the limitations of the methodology. Finally, insights on key future research projects are provided.  
8.1 Outcomes of the Project 
The key result of this thesis is the 10-step methodology. This method is able to predict the required 
foundation and supporting jackets dimensions based on limited and publicly available information 
about the turbine, ground conditions, environmental conditions and, seabed conditions. In addition, 
the developed tools do not require expensive and sophisticated analysis software that needs strong 
computational power and expert judgement of the engineering parameters. The developed 
methodology also aimed at satisfying the Ultimate Limit State, Serviceability Limit State, and natural 
frequency and it is shown that an acceptable level of accuracy was achieved for the concept design 
stage.  Each chapter addressed a number of issues which can be summarised as follows: 
Chapter 2: This chapter contained a general overview of foundations supporting offshore wind 
turbines with special focus on deep foundations (piles) and shallow foundations (suction caissons). 
From this discussion some key gaps in literature have been identified as well as the goals of this thesis 
to fill some of these gaps in terms of providing a simplified method to design jacket supported offshore 
wind turbines.  
Chapter 3: In this chapter, the information obtained from the literature review was used to assess the 
performance of monopile supported offshore wind turbines in European waters using data available 
in the public domain. Though the main theme of this thesis is about jacket supported offshore wind 
turbines, this relatively short chapter provides an indication about the main drivers of the design and 
the level of conservatives of current support structures. It was shown that under normal conditions 
monopiles are loaded up to 20% of their theoretical capacity and up to 40% under extreme loading. 
Thus, this is a preliminary indicator that the drivers of design are the natural frequency and 
deformation requirements (Serviceability Limit State).  
Chapter 4: In this chapter, a method has been provided to extract foundation stiffness values 
(KL,KR,KLR, and KV) from standard p-y curves and 3D finite element analysis (Standard and Advanced 
methods). This method can take into account multi-layered soils and it is shown how it can be utilised 
to predict the SLS deformations and natural frequency analysis. Consequently, to reduce the need of 
software, impedance functions for the springs have been developed for 3 ground profiles which 
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represent different types of stiffness distribution with depth. These are the homogeneous, linear, and 
parabolic ground profiles. The stiffness values were obtained from regression analysis and a 
comparison between different sources of literature was performed. Finally, their applicability in multi-
layered soils was examined. 
Chapter 5: In this chapter, a 3D analytical method was derived using the Euler-Lagrange method to 
obtain the mass and stiffness matrices of an offshore wind turbine supported on multiple foundations. 
Through analysis and comparison with scaled model tests, it is shown that a combination of low 
foundation stiffness and an asymmetric arrangement is more susceptible to resulting in two frequency 
peaks. On the other hand, symmetric foundations resulted in lower peak ratios even at low foundation 
stiffness values. In terms of aspect ratio, it is noted that its effect heavily depends on the foundation 
vertical stiffness, for which impedance functions have been previously developed. Finally, it was 
shown that, in practical terms, the foundation mass does not seem to have a large effect on the natural 
frequency of the system.  
Moreover, a simplified 2D model was also derived using the same methodology which enabled the 
establishment of the no rocking criteria. Finally, using the 2D idealisation, it is shown that a jacket may 
be engineered towards a no-rocking solution by optimising two parameters: (a) ratio of vertical 
stiffness of the foundation stiffness to lateral superstructure stiffness; (b) aspect ratio of the jacket-
tower geometry.   
Chapter 6: Following from the previous chapter, it is recognised that advanced mathematical software 
is required to assess the dynamic performance of a structure. For this reason, the solutions were 
simplified such that the first natural frequency of the structure may be estimated using a standard 
spreadsheet software. The basis of the methodology is converting the 3D vibration problem into a 2D 
vibration problem and determining the equivalent bending stiffness of the superstructure. Moreover, 
the simplified mechanical model was used to determine the linear response of the structure and it 
was shown that the “two section” idealisation is best suited in terms of the balance between simplicity 
and accuracy.  
Finally, the model was used to study the effect of foundation arrangements and formulations for sizing 
foundations and avoiding rocking modes have been provided. It is shown for a given structural 
stiffness, triangular arrangements may require double or even triple the pile length. On the other 
hand, the same length can be achieved by increasing the foundation spacing by a factor of √2 or √3 
depending symmetric or asymmetric arrangements. 
Chapter 7: Finally, using the tools and information developed in Chapters 2-6, a design methodology 
has been developed to predict the jacket and foundation sizes given minimal data about the turbine 
generator, wind conditions, wave conditions, and ground profile. Detailed steps have been explained 
along with a design flowchart in order to reach a concept size of the structural jacket members and 
the foundation. Finally, the method, through a solved example, was implemented to the existing study 
of the Upwind jacket. The results showed that the simplified design method resulted in dimensions 
that are very comparable to the detailed designs discussed in the UpWind report. This means that the 
simplified method can be a valuable tool in terms of front-end design for engineers and wind farm 
developers.  
From the summary of the chapters above, the novelty and the impact of this work is discussed in the 
next section 
227 
 
8.2 Novelty and impact: 
In the grand scheme of the design process the novelty of this work lies in firstly the collection of 
numerous design tools, some of which are borrowed from other industries, to obtain a tool that can 
be used by engineers in different levels. In addition to the design tools, this thesis also resulted in 
several design rules of thumb, controlling design parameters, and design restrictions that were not 
previously recommended by design standards such as the rocking modes of vibration criteria. This is 
also evident in the published papers that has been an outcome of this thesis where the design tools 
and rules of thumbs have both been peer reviewed and accepted for publication.  
In terms of the application of these methods in engineering, it is expected that these methods will 
firstly lower the time required to perform the analysis at the concept design stage. Therefore, the 
number f man hours maybe reduced and thus the bid for consulting is also reduced. Secondly, these 
methods require standard software that require no additional capital costs and expert judgement 
which is very important at the detailed design stage. Moreover, these tools are also useful in the 
detailed design stage where “sanity checks” are required to confirm the analysis and reduce the 
amount of time due to errors made in the detailed design. Clearly there is a pathway to further 
enhancements the work and make it more effective and this is discussed in section 8.3 where  the 
limitations are explored and enhancements are suggested 
8.3 Limitations and Possible Enhancements of the Work 
There are a number of limitations to this work which need to be carefully addressed by designers 
when utilizing the methodologies provided in this thesis. In addition to the additional general design 
considerations discussed previously in the literature review Section 2.8, the following limitations are 
specific to the work in Chapters 3-7 and are summarized as follows:   
• 1P and 3P loads have been ignored throughout the analysis. This is because they are orders of 
magnitude lower than the wind loads and the wave loads and do not add a big contribution in 
terms of the Ultimate Limit State. However, for the sake of completeness, one must address 
these issues, especially that wind turbines are growing in size which means that 1P loads are 
also going to be larger.  
• Throughout the life time of an OWT, start up and shut down events will occur before and after 
an extreme condition. Specifically, the breaking systems installed in a turbine for shut down 
events imposes high ULS loads on the foundation that must be taken into account, and in some 
cases, might even govern the design. However, the prediction of these loads using simplified 
methods is not possible and the designers would have to depend on the turbine manufacturer to 
obtain the value of these loads.  
• The approach taken in the Ultimate Loads , which was obtaining deterministic values based on 
probabilistic variations provided in current standards, will naturally result in an over 
conservatism  when compared to detailed aero-servo-elastic simulations or on-site measured 
data. Designers must be aware that the sizes of the structural members are what can be called 
an “upper-bound” analysis which must be refined with detailed analysis using Finite Element 
solvers. Moreover, another loading limitation is the multiple directionality effects which have 
not been studied in this thesis. In reality designers must check multiple directions for the wind 
and wave loads (other than the ones discussed in the previous chapters) especially when 
considering fatigue analysis. 
• As this thesis focuses also on the design of jackets, a simplified method to predict the fatigue 
life of jackets must be provided. There are some simplified methods provided in oil and gas 
text books which can be used as a starting point. Though it is hoped that since the natural 
frequency is designed to avoid the numerous forcing frequencies, fatigue will be a secondary 
problem that for the time being which can be solved through standard FE solvers. 
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• In terms of calculating the natural frequency and the forced response, a simplified method must 
be made to incorporate the different aspects of damping in the mechanical model. Furthermore, 
there are numerous other structural “flexibilities” which need to be included such as the rigidity 
of the connection between the jacket legs and jacket braces and the connection between the 
tower and the transition piece. 
• Throughout this thesis, the static stiffness of the foundation has been employed to include the 
SSI effect. This based on the assumption and examination of other research that states that  the 
dynamic stiffness of the foundations are not needed as the forcing frequencies of offshore loads 
are low. This has to be rectified to enhance the accuracy and to be able to use the mechanical 
model for other types of loading such as earthquakes and typhoons. 
• Furthermore to the aforementioned point, the macro-element approach discussed in this thesis 
assumes that the springs are elastic. Nevertheless, the typical foundation load-deformation 
response is only elastic at working loads, and thus, using these spring values for higher loads 
will be not be conservative as large plastic strains will occur. Therefore, an adjustment to the 
method must be made to incorporate the plasticity of the foundation. Furthermore, throughout 
the analysis, the shallow foundations are assumed to be rigid and the structural steel flexibility 
is not taken into account. Thus, the method should be enhanced to incorporate the steel stiffness 
especially in the vertical stiffness impedance functions.  
• In the previous chapter, the analysis of the loads on the structural members and foundations are 
simplified structural analysis methods with the inclusion of a Dynamic Amplification Factors 
(DAFs). It is then recommended that engineers seeking higher accuracy to incorporate more 
advanced structural analysis methods in the design process such as the use of the stiffness 
method to calculate the forces on structural members. The same applies to the resistance 
components on the foundations, whereas, as also shown in the previous chapter the moment 
has been excluded based on the assumption that is smaller than the resistance provided from 
the push-pull component. These of course have to be included for accurate sizing of the 
foundations.  
• It is well known that the installation of piles and suction caissons change the properties of the 
surrounding ground due to hammering/suction. These changes in the geotechnical properties 
must be taken into account as they can have a drastic effect on the overall size of foundations. 
Similarly, the lifting and installation of jackets impose stresses on the jacket legs and braces 
that must be checked and included in the analysis. 
• Similarly, more comprehensive geotechnical analysis of the foundations must be performed 
under both the Ultimate and Serviceability limit states. In terms of capacity, methods which 
require CPT data such as the ICP and NGI methods when the CPT data is available. Moreover, 
further recommendations must be provided on when to use each method, as this seems to be 
one of the concerns of the engineering community. 
• As previously stated, the transition piece is an important part of the overall structure that 
transfers the loads from the tower to the jacket. The design of the transition piece is also, at the 
current state, a complex process that needs sophisticated calculations and tools. A simplified 
methodology must be developed. 
• As offshore jacket installations for wind turbines are at their infancy stage, it is difficult to 
obtain detailed data about currently operating wind farms. Accordingly, it is difficult to 
compare the 10 step method to other case studies of jackets installed in European waters.  
However, for this method to gain more reliability, it must be compared to numerous other case 
studies once more data becomes available on the public domain. 
• When using these tools, additional care must be given for the use of partial safety factors of the 
loads and resistances. For instance, in Chapter 3, the application of partial safety factors was 
not applied for the loads and resistances, this is because the objective of this Chapter was to 
provide a basis of comparison for all windfarms and establish whether the performance is 
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stiffness or strength controlled. Similarly, no partial safety factors were applied for Chapters 4 
to 6 as they are concerned with the natural frequency analysis which is an SLS condition. 
Finally, in Chapter 7 partial safety factors were applied to the loads and resistances for the 
Ultimate Limit State checks. It is therefore important that users of provided tools in this thesis 
must always be checked relevant to the specific code used in the design of an offshore windfarm 
and the relevant check being analysed. For example, if the loads obtained in Chapter 7 are to 
be used in a fatigue limit state analysis, users must be aware that certain safety factors apply to 
these load cases and must be included in the analysis as per code used (such as NORSOK or 
DNVGL) 
Upon reflection, these limitations also set the foundation for future work where enhancements can 
be made to the current method on jacket supported OWTs. There are also other research areas in 
terms of structural and geotechnical engineering which are discussed in the next Section. 
8.3 Future Work 
Despite the news in 2017 of the drop of offshore wind price in comparison with other renewables, the 
construction of offshore wind farms is still subsidised by the government. It is therefore the 
responsibility of researchers to continuously develop enhancement in the understanding of these 
structures such that the design and installation will cost less and make offshore renewables an 
economically competitive source of energy. Further, reducing the cost (LCOE) also makes offshore 
renewables a more attractive source of energy for developing countries where it is often the case, 
that pollution levels are high. This can be done from two aspects: Firstly by directing research towards 
the installation of offshore wind turbines in unexplored waters. This means that the foundations have 
to be designed for various water depths, ground profiles, and met-ocean conditions in the near future. 
Secondly, by exploring the possibility of the re-using decommissioned turbines and foundations in 
developing countries after their service life has expired in developed countries. This has been 
implemented in the telecommunications industry (such as mobile phones) where lots of users in 
developing countries use second hand phones. However, the complexity in implementing this on large 
scale offshore wind farms needs careful studying before implementation. 
Focusing the discussion on structural and geotechnical engineering, it has been previously discussed 
in Section 2.10 of the literature review that there are still some gaps in literature concerning current 
foundation designs such as the tilting of monopiles where this thesis has provided a starting point by 
predicting the loading ratios (one-way vs two-way). There are also other research topics that are of 
high importance such as: 
• Development of a similar methodology for other types of foundations: As previously stated 
in the introduction, there are other types of foundations that are currently installed in European 
waters such as gravity base foundations and seabed frames. A similar framework should be 
adopted in order to provide a simplified design methodology for the other types such that initial 
costing could be made spanning across the different options. In other words, designers will have 
a full overview of the possible concepts that may be used for an offshore wind farm. Similarly, 
for continental shelves with a steep change in water depths, it may be more financially viable 
to have more than one type of foundations, and so having a set of simplified methods for all 
types is of great use.  
• The prospects of floating turbines: In numerous countries most of the wind recourse that can 
be harvested for energy is found in deeper waters including significant portions of the coasts of 
the United States, Japan, China, Norway, and around the Mediterranean. Thus, for such 
locations, the most economically viable option would be the use of floating turbines. This is 
also a complex multi-disciplinary design which involves structural engineering, geotechnical 
engineering, and naval architecture.  Simplified design methods should be also developed for 
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designing the spar, the catenary cables, and the suction anchors that stabilize the system. There 
has been great progress in terms of floating turbines recently signified by the launch of Hywind 
concept by Equinor (previously Statoil). This concept is currently setting the platform for large 
amounts of research for instance, the University of Surrey research group was able to produce 
a simplified method to calculate the loads on spar buoy floating OWTs (Arany & Bhattacharya, 
2018). Moreover, the research group is also implementing the theory developed in Chapter 6 to 
be able to predict the natural frequency of floating OWTs. With these two tools, it will be 
possible to predict the loads on the catenaries and foundations, and hence it will become 
possible to size them. Similar research is also available in literature that also analyses the 
Hywind turbine or introduces enhancement/concept of the structure.  
• Unexplored site conditions: The work of this thesis, and in fact most available literature, is 
based on European waters where wind speeds, wave conditions, and ground conditions are 
more or less well understood due to oil and gas explorations and no earthquakes or 
hurricanes/typhoons are expected within the design life.  Moreover, most European offshore 
ground profiles are composed of stiff clays or medium dense to dense sands as shown in Chapter 
3 of the thesis. This means that they provide favourable conditions for the construction of the 
typical foundations displayed in this thesis. This is different for other parts of the world such as 
China which is a very strong emerging market in offshore wind. Though there is an abundant 
wind potential in the Bohai Sea, East China Sea, Taiwan Strait, and the Yellow sea, the wind 
turbines installed in these locations will certainly be under the action of typhoons during their 
design life and an understanding of the response of the OWTs must be understood. Similarly, 
Chinese ground profiles are infamous for their unfavourable conditions in comparison to 
European ones and due to earthquakes, there is a high probability of stiffness and strength 
degradation of the soil layers. Thus, conventional monopiles and jackets may not be suitable. 
To solve these problems, there are concept types of foundations currently being employed in 
China such as mounting the wind turbine on a large pile cap which is then supported by numbers 
small diameter piles. But given this non-conventional construction approach, it is relatively 
more costly to build such an arrangement and research is on the way to develop new concepts 
to reduce the price of the foundation and installation. Similar research approaches are also 
required to numerous other global locations such that renewable technologies are accessible to 
everyone around the world. 
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Appendix 
Appendix A: Recommendations for the selection of brace and leg 
cross-sectional areas 
Selecting Initial Diameter 
r 0.3D            
Table  A-1: Recommended slenderness ratios for brace and leg members 
Reference Member Slenderness ratio (kl/r) Other 
recommendations 
(Reddy & Swamidas, 
2016) 
Brace 80-90 Diameter in inches is 1/3 
the span length in feet 
(Chakrabarti, 2005), Leg  • Deck leg outside 
diameter is 
generally taken 
as equal to the 
pile diameter. 
• For leg size 
selection 
purposes k can 
be taken as 1-
1.5.  
• Typical sizes for 
offshore oil and 
gas jacket poles 
in the gulf of 
Mexico ranges 
between 42-72 
inches (approx. 
1-2m) 
(Chakrabarti, 2005) Brace 70-90 • Use a brace to 
chord diameter 
ratio higher 
than 0.3 
(control the 
joint capacity) 
• Buckling 
coefficient 
k=0.8 may be 
assumed 
(Okyere, 2018) Brace 70-90 • Span to 
diameter ratio 
30-40 
(El-Reedy, 2014) Brace 70-90  
(ISO19902, 2007) Brace No more than 80  
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Selecting initial thickness  
  
Table A-2: Recommended D/t ratios for jacket brace and leg members 
Reference Member Dm/t ratio 
(McClelland & Reifel, 
1986) 
Brace 40-60 
(McClelland & Reifel, 
1986) 
Leg 45 
(Chakrabarti, 2005) Leg Common jacket leg 
thickness values range 
from 0.5-2.5 inches (12-
50mm) 
(Chakrabarti, 2005) Brace 19-90. Keeping it less 
than 60 is considered 
good practice 
(Okyere, 2018) Brace 20-70 
(El-Reedy, 2014) Brace 19-60 
 
Note: From a structural stability point, it is always recommended that the D/t ratio to be reduced 
and kl/r to be increased as much as economically possible. 
Appendix B: Analysis of loads on jacket members 
900 misalignment between wind and wave loads: 
 
Figure B-1: Plan view of jacket loads 
. 
Considering equilibrium in the x direction 
1 2 3 4 windH +H +H +H =F         (B1) 
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Assuming all horizontal resistance components of the foundation are equal  
wind
x
F
H =
4
               (B2) 
Similarly  
wave
y
F
H =
4
                (B3) 
The resultant horizontal load 
2 2
wind wave
1
H= F +F
4
               (B4) 
Using super-position and including the contribution from the weight, the following  
( ) net1 wind wave
bottom
W1
V =- M +M -
2L 4
      (B5) 
( ) net2 wind wave
bottom
W1
V = M -M -
2L 4
      (B6) 
( ) net3 wave wind
bottom
W1
V = M -M -
2L 4
      (B7) 
( ) net4 wave wind
bottom
W1
V = M +M -
2L 4
      (B8) 
 
450 misalignment between wind and wave loads: 
 
Figure B-2: Plan view of jacket loading  
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The total resultant force on the structure may be computed using Eq.B13 
2 2
x y' x y'H= H +H -2H H cos135        (B9) 
Hence, the horizontal load on each foundation is taken as 
2 2
wind wave wind wave
1
H= F +F + 2F F
4
      (B10) 
Through moment equilibrium, the vertical forces in the foundations is equal to 
wind wave net
1
bottom
M M W1
V =- + -
L 2 42
 
 
 
      (B11) 
wind net
2
bottom
M W
V = -
2L 4
        (B12) 
wind net
3
bottom
M W
V
2L 4
= − −        (B13) 
wind wave net
4
bottom
M M W1
V = + -
L 2 42
 
 
 
      (B14) 
Example of a 3-legged jacket 
 
Figure B-3: Plan view of a 3 legged jacket 
In this case the lateral load is divided into 3 foundations 
wind waveF +FH=
3
             (B15) 
And the vertical load on each foundation is 
wind net
1
bottom
2M W
V =- -
33L
                          (B16) 
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net
2 wave wind
bottom
W1 2
V = -M + M -
L 33
 
 
 
         (B17) 
net
3 wave wind
bottom
W1 2
V = -M + M -
L 33
 
 
 
                       (B18) 
 
Punching shear stress: 
The applied shear (punching shear) stress in the leg wall can be expressed as  
x
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f
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Appendix C: Spreadhseet based methods of the thesis content  
This section provides an overview of how the tools can be applied in spreadsheet format and used as 
design tools for foundations supporting offshore wind turbines. These spreadsheets were developed 
during the PhD from the Chapters presented in the thesis. The objective is to link the relevant 
equations and Chapters from the thesis and are presented below.  
Appendix C-1- Chapter 2:  Computation of the foundation stiffness 
The impedance functions for piles available from literature were coded in a spreadsheet type program 
for the facility of the comparison. The input and output data are as per Table 2.1 of Chapter 2. The 
input file would appear as follows:  
 
The data input are the pile geometry and the soil properties, the output using the equations provided 
in Table 2.1 would appear as follows: 
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Appendix C-2- Chapter 3: Calculation of MR in sandy soils 
This is utilized in Chapter 3, however the formulations are based on the interaction diagram equations 
provided in Chapter 2. These were used in the thesis to double check the MR calculated using p-y 
analysis using ALP and the example below shows the example of Burbobank offshore monopile. The 
input would appear as the following, which is mainly to do with the sand properties and the pile 
external dimensions:  
 
The solver then should discretize the pile into a number of depth (z) until the pile length Lp is reached. 
The subsequent cells calculate the effective stress at dept z, which is then used to calculate the failure 
pressure p (kN/m). This failure pressure is as per API criteria, and the equation is Eq.18 in Chapter 2. 
From that the force can be calculated by multiplying p by the length of the strip at which the pile is 
discretized and the moment by multiplying the lever arm. Therefore, the processing part of the 
spreadsheet (equations in red) 
 
As shown in Eq. 11 and Eq.12 and Figure 2.6 in Chapter 2, the force and moment equilibrium in the 
processor should result in a force distribution of the pile and the interaction diagram as shown in the 
figures below. It can be seen that the interaction curve produced in this spreadsheet matches with the 
ALP analysis which provides confidence in the method.  
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Appendix C-3- Chapter 4: Calculation of foundation stiffness for caisson type 
foundations 
The objective of this spreadsheet is to calculate the values of kL, kR, and kLR for caissons that were 
developed and are presented in table 4.5 in Chapter 4. The input is formed of the external dimensions 
of the caisson LC, and DC and the soil parameters: 
 
The output simply calculates the foundation stiffness for the 3 types of ground profiles, and it is up to 
the designer to select which spring stiffness values to utilize 
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Appendix C-4- Chapter 5: Calculation of the mass and stiffness matrices in 2D and 3D 
In this Chapter, the Euler-Lagrange method was derived to obtain the mass and stiffness matrices in 
both 2D and 3D 
For the 2D solver, the components on how to calculate the mass and stiffness matrices were included 
in Eq. 52 and Eq.57 of the Chapter. The input of these foundations can be listed as follows  
 
And the out put of the mass and stiffness matrices can then be produced using the shown Equations 
as follows: 
 
Similarly, for the 3D solution, a similar methodology can be applied by using Eq.12 and Eq.21 for the 
mass and stiffness matrices, however as this is a more complex solution it requires slightly more 
information as input, namely the stiffness and location of each spring 
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The spreadsheet then outputs the mass and stiffness matrices accordingly 
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Appendix C-5- Chapter 6: Calculation of the natural frequency  
In this Chapter, the closed form solution for the natural frequency has been derived, a spreadsheet 
can be easily input with the relevant equations of the Chapter as shown below 
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Appendix C-6- Chapter 7: Obtaining the initial guess of the external jacket dimensions 
In this Chapter, a method was presented to calculate the first guess of the jacket dimension based 
on the wave height and the first natural frequency. This can be easily applied as a spreadsheet type 
program as follows: 
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The output of this program is the main jacket height, bay height, bay width and an estimate of the 
area of the jacket leg required as follows: 
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